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ABSTRACT 

The structural analysis of masonry historical buildings is still a 
challenging task, basically due to: the difficult numerical modelling of the 
nonlinear behaviour of masonry material, with almost no tensile 
strength; the arrangement of blocks and mortar joints frequently 
uncertain and variable; the complexity of morphology; the difficult 
modeling of the geometry, which drives to three-dimensional models 
characterized by a large number of degrees of freedom. 
The above considerations justify the need for specific modelling and 
analysis strategies to be developed and established for historical 
buildings. The most widely used strategies are affected by some 
limitations and different levels of accuracy. In this study the structural 
analysis of different types of historical buildings, under seismic loads, is 
performed by comparing different analysis approaches and pointing out 
some their criticalities.  
In the first part of the thesis (Chapter 2), the seismic capacity of multi-
storey masonry buildings is evaluated, comparing different modelling 
strategies, such as simplified methods (equivalent frame, macro-
modelling) and FE method. Four case studies characterized by different 
geometry (overall height, storey number, slenderness of spandrels and 
piers, etc.)  are analyzed. The results are compared with the horizontal 
collapse multipliers computed with the limit analysis. The latter has 
proved to be a powerful simple method to check the results of more 
complex analysis, often less manageable and influenced by the 
implemented modelling. A simplified formula is proposed to apply the 
limit analysis and it was found to provide a good approximate measure 
of the seismic capacity of the building, being only noted the geometrical 
characteristics of the walls.  
The second part of the thesis focuses on the seismic behavior of 
masonry churches. The dynamic behavior is first investigated on a 
sample of fourteen case studies (Chapter 3), then an impressive case 
study: the gothic cathedral of Santa Maria del Mar, is analyzed by means 
of different analysis methods. 
The dynamic analyses of the fourteen masonry churches reveals a 
considerable dispersion of the vibration modes, which provide very small 
contribution in terms of participating mass. It leads to low values of the 
base shears (computed through the response spectrum analysis) and, 
consequently, to the possibility of adopting reduced forces to be applied 
on the masonry churches.  



The Santa Maria del Mar church was analyzed carrying out: linear static 
analysis, modal analysis, non linear  (push-over )analysis and non linear 
dynamic analysis. The comparison between all these analysis methods 
provides a convincing picture of the structural weaknesses of the 
cathedral. 
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1 INTRODU CTION  

The conservation of historical buildings is intrinsically linked to a correct 
structural analysis. The structural analysis contributes to all the phases 
and activities, including diagnosis, reliability assessment and design of 
intervention, oriented to grant an efficient and respectful conservation of 
monuments and historical buildings (Roca et al. 2010). Incorrect or non-
exhaustive structural analysis can lead to ineffective or counter-
productive interventions. The seismic events occurred in Italy in the last 
decades Umbria-Marche 1997ð1998, Abruzzo 2009, Emilia-Romagna 
2012) demonstrated that over-strengthening interventions, generally 
performed with reinforced concrete, does not always safeguarded the 
structure. Figure 1.1 shows a detail of the damage of the S. Maria di 
Collemaggio church (LõAquila, Italy) after the 2009 earthquake. The 
transept of the church collapsed completely and  the presence of the belt 
courses in reinforced concrete (inserted during the second half of ô900),  
did not help to avoid the collapse. 
However it has to be said that the conventional methods of the 
structural analysis are not immediately applicable to historical 
constructions. As excellently stated in the preface by Navier (1833), and 
reported in important literatureõs treatises (Rondelet 1802 and Breyman 
1885), pyramids, mastabas, mosques, churches, domes, cathedrals, 
towers, castles, palaces, bridges, have been designed starting from the 
dimensions of similar buildings, under the theory of proportions or from 
state of art rules. Therefore, these buildings are illðsuited to be studied 
by means of the numerical models traditionally used in structural 
engineering. Since the times of realizing marvelous Egyptian temples in 
the 3000 B.C. up to 18th century, the worldõs architectural heritage has 
been constructed with unreinforced masonry. Masonry, being a two-
phases material made of assemblage of bricks/blocks connected at 
interfaces, does not obey to the theory of elasticity. It is characterized by 
highly non-linear behavior, a brittle response in tension with very low 
tensile strength, a frictional response in shear  and anisotropy. A 
complete model describing all the complexity of the mechanical behavior 
of masonry is still an open, challenging issue. 
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Figure 1.1 S. Maria di Collemaggio church: damage after 2009 earthquake 
showing the course of reinforced concrete inserted during the second half of ô900  

Further difficulties, connected to the structural analysis of historical 
buildings, are related to the highly composite geometry and morphology, 
which drives to the need of defining three-dimensional (3D) models 
characterized by a very high number of degrees of freedom. 
Moreover, recent studies have proved that a correct structural analysis 
should take into account the historical events occurred on the structure 
over the centuries. Studies on different historical structures (Roca 2004, 
Roca et al.2004) have shown that real deformations are normally much 
larger (one or even two orders of magnitude) than those predicted by 
conventional instantaneous calculations. This is due to the fact that these 
analysis neglect history-related aspects such as (1) deformations occurred 
during the construction process, (2) initial and historical soil settlements, 
(3) architectural alterations, (4) the non-reversible effect of multiple 
thermal and hygrometric cycles, and (4) long term damage of mechanical, 
physical or chemical nature, among other phenomena (Roca et al.2010). 
 
Since the complexity and variety of the aspects involved, different 
modelling strategies have been developed and different analysis methods 
are generally used and compared to carry out the structural analysis of 
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historical buildings. In the following an overview of the principal 
modelling strategies and, then, of the analysis methods is presented, 
pointing out the related advantages and disadvantages. 

1.1 OVERVIEW OF MODELLING  STRATEGIES  

Limit analysis 

As mentioned above, the masonry does not obey to the theory of 
elasticity and its mechanical behavior is difficult to model. However the 
masonry structures obviously satisfy the equilibrium laws and based on 
the equilibrium conditions, the first theories for the structural 
assessments of masonry structures were developed by Gregory, La Hire 
(1712), Poleni (1748) and Coulomb (1773). 
Limit analysis, as it was formulated by Heyman (1966, 1982, 1995), 
synthetizes all the mentioned classical theories based on equilibrium 
considerations. It represents a particularly effective tool for estimating 
the collapse load of structural systems, since it provides a bound of the 
horizontal capacity. As sketched by Heyman, the hypotheses on the 
masonry behaviour are: no tensile strength; infinite compression strength 
and absence of sliding at failure. Under these hypotheses, the masonry 
material becomes an assemblage of rigid parts, held up by mutual 
pressure, and the collapse of the structural elements is characterized by 
the development of non-dissipative hinges transforming the structure 
into a mechanism. The term ômechanismõ indicates a displacement 
distribution in the structure produced by inelastic deformations (the 
formation of hinges) which occur in a finite number of sections due to 
disconnections and cracking. If a kinematical admissible mechanism can 
be found, the external forces corresponding to the activation of the 
mechanism (obtained by applying the virtual work principle),  give an 
upper-bound of the actual ultimate load. 
This methodology was applied by Giuffrè, who identified a number of 
possible failure mechanism of traditional masonry buildings, by 
observing the real damage experienced by these construction during the 
earthquake.   
Moving from the approach introduced  by Heyman, De Luca et al. 
(2003), Giordano et al. (2007) and more recently Brandonisio et al. 
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(2015) used the principle of virtual works to derive closed and simplified 
expressions for computing the collapse multiplier of simple structural 
elements, such as portal frame and arches. 
The need of robust methodologies for predicting the masonry structures 
behavior or for checking the numerical results obtained from more 
uncertain advanced analysis methods, is strongly remarked in the 
scientific literature on masonry structures (Bucchi et al. 2009, 
Brandonisio et al. 2012, 2014), and led to the recent rediscovery of 
traditional equilibrium-based methods, such as the ôômacro-block limit 
analysis . . ., probably the best analysis tool for practitionersõõ (Lourenco 
2011). On the other hand the limit analysis has the considerable 
disadvantage of providing only an indication about the safety of the 
structure regarding a limit condition, but it cannot be helpful in depicting 
the structural behavior of the building for moderate service load 
conditions. 

Simplified modelling 

In order to overcome the mentioned disadvantage of the limit analysis, 
but with still simple approaches, in the last three decades, many authors 
have developed simplified or alternative methodologies that, with a 
reduced computational effort, should be able to predict the nonlinear 
seismic behaviour of masonry buildings. The most commonly used 
practical approach for the analysis of unreinforced masonry is the so 
called ôequivalent frame modelõ, in which the masonry building is 
represented by an equivalent nonlinear frame structure constituted by 
nonlinear beam elements and rigid offsets (Magenes et al. 1998, Kappos 
et al. 2002). According to the equivalent frame model approach, each 
wall of the building is subdivided into macro-elements representing piers, 
spandrels and rigid zones. The nonlinear behaviour of piers and 
spandrels are simulated by nonlinear frame element, while the rigid 
zones, in which the damage cannot occur, are substituted by rigid offsets. 
Several different models have been proposed to describe the behavior of 
the two nodes macro-element implemented in the equivalent frame 
models of the structure. Much effort was devoted to this issue by 
Gambarotta and Lagomarsino. In 1996 they proposed a non-linear 
macro-element model, representative of a whole masonry panel which 
permits, with a limited number of degrees of freedom, to represent the 
two main in-plane masonry failure modes, bending-rocking and shear-
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sliding (with friction) mechanisms, on the basis of mechanical 
assumptions. This model considers, by means of internal variables, the 
shear-sliding damage evolution, which controls the strength deterioration 
(softening) and the stiffness degradation. This model was later further 
refined and improved (Brencich and Lagomarsino 1997, 1998,  Penna 
2002 and Galasco et al. 2004).  
However the substitution of a masonry portion with a frame element has 
some restrictions due to the inaccurate simulation of the interaction 
between macro-elements, to the difficulties that arise for complex 
geometry and to the weak modelling of the cracked condition of panels. 
For these reasons some authors proposed the use of two-dimensional 
macro-elements, performing an approach defined as macro-element 
discretization (Lourenco 2002). It has been conceived with the aim of 
capturing the nonlinear behavior of an entire masonry wall and of the 
entire building, as an assemblage of several walls. Based on this 
approach, recently Caliò et al. (2012) proposed a basic macro-element 
which consists of an articulated quadrilateral with rigid edges in which 
two diagonal springs govern the shear behaviour. The flexural and 
sliding shear behaviour is governed by discrete distributions of springs in 
the sides of the quadrilateral that preside over the interaction with the 
adjacent macro-elements. 
The simplified modellings, discussed above, are implemented in 
computer codes, nowadays commonly used also for the analysis of 
historical buildings. However this approach hardly can be used to model 
historical buildings characterized by complex geometry, combining 1D 
members (arches, flying arches) with 2D members (vaults, domes) and 
3D ones(fillings, pendentives . . .). 

Finite element method 

The FE method permits to model any geometry and to associate 
sophisticated material model, taking into account the highly non linear 
behavior of the masonry. Basically, two different approaches are 
implemented in the FE method to model the the masonry: the ômicro-
modelõ, or ôtwo-material approachõ, and the macro-model, or ôequivalent-
material approachõ.  
In the micro-model, the discretization follows the actual geometry of 
both the blocks and mortar joints, adopting different constitutive models 
for the two components. Particular attention must be paid in the 
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modelling of joints, since the sliding at joint level often  starts up the 
crack propagation. Although this approach may appear very 
straightforward, its major disadvantage comes from the extremely large 
number of elements to be generated as the structure increases in size and 
complexity. This renders unlikely the use of micro-models for the global 
analysis of entire buildings, also considering the fact that the actual 
distribution of blocks and joints might be impossible to detect unless 
invasive investigations are performed.  
The macro-model assumes that the masonry structure is a homogeneous 
continuum to be discretized with a finite element mesh which does not 
copy the wall organism, but obeys the methodõs own criteria. The single 
element will thus have a constitutive model which must be capable of 
reproducing an average behaviour. This assumption bypasses the 
physical characteristics of the problem. Nevertheless the equivalent 
material models have proven to be able to grasp certain aspects of the 
global behaviour without the number of parameters and the computing 
effort needed in the micro-model (Pegon and Anthoine, 1994). 
An exhaustive dissertation on micro and macro FE modelling is 
provided by Lourenço in his Ph. D. thesis (..). In this reference the  
adequacy of using homogenization techniques, in which the macro 
behavior of the composite is predicted from the micro properties of 
masonry constituents, was discussed and a constitutive macro-model for 
unreinforced masonry, that includes anisotropic elastic as well as 
anisotropic inelastic behavior, was proposed. 
The macro FE modelling have been extensively used to analyze complex 
historical monuments and, recently, well known monuments have been 
studied by using this approach: among the others, the basilica of Hagia 
Sophia (Almac et al. 2013), the Mallorca gothic cathedral (Roca et al. 
2013) and also several Italian masonry churches damaged during the last 
earthquakes occurred in LõAquila and in Emilia Romagna (Brandonisio 
et al. 2013, Gattulli et al. 2013, Milani and Valente 2015a and b).  
However, it has to be said that FEM models may be very sensitive to 
changes in boundary conditions, load history and may predict the 
formation of cracks in unexpected locations (Huerta 2003). According to 
Boothby et al. (2006), the solutions provided by an initial FEM model 
must always be validated against known information on the structure 
such as testing results, crack location and/or other damage. During the 
validation process an initial model may probably need to be refined in 
terms of boundary conditions and material properties. It is also 
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important to study the influence of the different parameters on the 
results through a parametric study (Endo 2015). 

Discrete element method 

The Discrete Element Method (DEM), is currently used for computing 
the motion of simple unreinforced masonry structures modeled as an 
assemblage of distinct blocks (rigid or deformable) which interact along 
the boundaries. This method, originally proposed by Cundall (1971, 
1979) in the area of granular and discontinuous materials, is based on the 
integration of the equation of motion of the discrete elements, and 
allows for considering the large displacements with the sequential update 
of the elements positions. In 1987 Lemos, proposed a DEM formulation 
for two-dimensional blocks in his Ph.D. thesis, and formulated together 
with Cundall and Hart (1988) a three-dimensional distinct element model 
for a system composed of many polyhedral blocks. In the last two 
decades, the application of DEM was extended to masonry to simulate 
the response of simple structural elements under ground motion; 
available literature review on DEM of masonry structures is provided by 
Lemos (2007), where the works of Livesley (1978), Gilbert and 
Melbourne (1994, 1995) Orduna and Lourenço (2001), Baggio and 
Trovalusci (1998) are discussed. 
In spite of the several studies focused on this approach, he analysis of 
complex structures such as the historical monuments is still a challenging 
issue in DEM.  The natural field of application of DEMs is composed by 
structures formed by regularly shaped masonry or stone blocks. 
Computational viability of analysis may limit severely the number of 
block elements that can be included in a model. 

1.2 OVERVIEW OF ANALYSIS METHOD  

Linear static analysis 

Linear static analysis is in principle inadequate first of all because it does 
not take into account the complex non-linear response even for low or 
moderate stress levels. Secondly the static approach to assess the seismic 
response of the buildings is based on the predominance of the first 
vibration modes, which generally give the greatest contribution. The 
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static approach, traditionally used in the structural engineering, applies 
equivalent lateral forces generally distributed proportionally to the mass 
or according to the main vibration mode of the building. However, as it 
will be extensively discussed in chapter 3, the prerequisites for applying 
the static approach are not realistic for complex historical buildings, such 
as the churches.  
The seismic demand computed for this analysis method should be 
reduced through a reduction factor , to take into account the further 
displacement capacity of the buildings. But the reduction factors 
provided by the rules are generally reliable for regular buildings, and they 
can lead to incorrect results, and consequently to ineffective 
interventions, for historical complex buildings.  
However, due to its simplicity, stability and reduced computer effort, 
many cases of historical monuments have been studied by means of this 
approach, and among the others: San Marco in Venice (Mola and 
Vitaliani,1995 ), the Tower of Pisa (Macchi et al.,1993), the Colosseum of 
Rome (Croci, 1995). Moreover, especially for vertical loads, linear 
analysis is always performed, prior to the application of more 
sophisticated approaches, to allow a quick and first assessment of the 
adequacy of the structural models regarding the definition of meshes, the 
values and distribution of loads and reactions, and the likelihood of the 
overall results (Roca et al. 2010). 

Modal dynamic analysis 

The response spectrum modal dynamic analysis permits of taking into 
account all the vibration modes of the structure. Their contribution is 
compared with the response spectrum and combined through different 
mode superposition procedures: the direct superposition (SUM)  
provides an upper bound to the maximum of total response; the root-
sum-square (SRSS) provides a satisfactory estimate for system with well 
separated frequencies; the complete quadratic combination (CQC) used 
when the natural periods of the structures are very similar. 
This analysis method is performed by using  an elastic material model 
and it is based on the superposition principle, therefore it would be in 
principle inadequate, as well as the linear static analysis. 
However the response spectrum analysis has been used to study many 
examples of historical monuments, especially masonry churches (Gattulli 
et al. 2013, Dal Cin and Russo 2014, Chellini et al. 2014é). 
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It involves a dynamic approach to the seismic analysis of this kind of 
constructions which generally do not obey to the assumptions at the 
base of the static one. At the same time the response spectrum analysis 
doe not imply the computational effort of the more complex non linear 
dynamic analyses.  

Non linear static (push-over) analysis 

A push-over analysis is performed by subjecting a structure to a 
monotically increasing pattern of lateral forces, representing the inertial 
forces which would be experienced by the structure when subjected to 
ground shaking. This analysis is performed considering a non linear 
constitutive law of the material and, it can take into account the 
geometrical non linearity. Under incrementally loads various structural 
elements yield sequentially. Consequently, at each event, the structure 
experiences a loss in stiffness (Fajfar 2000). The analysis stopped when 
an ultimate condition of the structure is reached. A relationship between 
non linear force and displacement can be determined at the end of a 
push-over analysis, which provides a capacity curve of the structure. 
Generally the base shear and the displacement of points at the top of the 
structures are chosen. In the following chapters the push-over analyses 
will be carried out conforming this choice.  
The selection of an appropriate lateral load is an important step within 
the push-over analysis. A unique solution does not exist (Fajfar 2000). 
The Eurocode 8 (CEN, 2004) recommend to use at least two load 
patterns: a load pattern of forces proportional to the mass and a modal 
load pattern of forces usually distributed according to the first modal 
shape. 
An exhaustive discussion on pros and cons of the push-over analysis can 
be found in Krawinkler and Seneviratna (1998). They pointed out that if 
an invariant load pattern is used, the basic assumptions are that the 
distribution of inertia forces will be reasonably constant throughout the 
earthquake and that the maximum deformations obtained from this 
invariant load pattern will be comparable to those expected in the design 
earthquake. These assumption may be close to the truth if: a) the 
structure response is not severely affected by higher mode effects, b) the 
structure has only a single load yielding mechanism that can be detected 
by an invariant load pattern. If these hypotheses are verified, the 
pushover analysis will very likely provide good estimates of global, as 
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well as local inelastic deformation demands. Otherwise, deformation 
obtained from a push-over analysis may be very inaccurate. 
Recent studies have focused on extending the push-over analysis to the 
structures affected by higher mode effects (among the others, Chopra 
and Goel 2002, 2004). Moreover adaptive analysis methods, applying 
load patterns which follow closely the time variant distribution of inertia 
forces, have been provided (among the others Bracci et al. 2007). In spite 
of these studies, the mentioned limitations of the push-over analysis are 
still a critical point for the reliability of this analysis method. 
 
The push-over analysis provides only a measure of the capacity and has 
to be combined with a demand measure using methods like capacity 
spectrum or N2 to complete the assessment study (Elnashay, 2002). In 
this thesis the N2 method will be used and therefore a brief summary of 
the procedure is given in the following. The N2 method developed at the 
University of Ljubljana by Fajfar is exhaustively illustrated in Fajfar 1999 
and 2000. This method is also implemented in Eurocode 8 (CEN, 2004). 
The result of the N2 method is basically the graph of Figure 1.2 (Fajfar 
2000). To obtain this graph four steps can be noticed.  
 

 

Figure 1.2 Elastic and inelastic demand spectra versus capacity diagram (Fajfar 
2000) 
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In the first step, the elastic response spectrum in the format of time-
elastic acceleration is transformed to the displacement-acceleration 
format using the following relation: 

Ὓ
Ὕ

τ“
Ὓ  

 
In the second step, the capacity curve obtained from the pushover 
analysis is transformed to the equivalent bi-linear curve using the 
approximate approach of equal area, i.e., the area under the capacity 
curve is equal to the area under the bi-linear curve 
In the third step, the intersection of the radial line, corresponding to the 
elastic period of the idealized bilinear system T*, with the elastic demand 
spectrum defines the acceleration demand (strength) required for elastic 
behavior and the corresponding elastic displacement (Fajfar, 2000).  
The elastic spectrum is transformed to the inelastic spectrum using the 
following relations proposed by Vidic et al. (1994): 
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where, Rm is the reduction factor due to ductility and is evaluated from: 
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where m is the ductility factor defined as the ratio between the maximum 
displacement and the yield displacement (Dy*) and Tc is the characteristic 
period of the ground motion. 
The last step consist of the intersection between the bi-linear capacity 
curve and the inelastic response spectrum to determine the performance 
point which defines the performance acceleration and the performance 
displacement of the structure. 

Non linear dynamic analysis 

All the previous described analysis methods are simplified ways to assess 
the seismic response of the masonry buildings. They are based on more 
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or less reliable assumptions on the mechanical behavior of the material 
and on the actions applied to the buildings. The non linear dynamic 
analysis or time history analysis, aimed to provide the seismic response 
of buildings without any of these major simplifying assumptions. It 
furnishes the time history of the displacements of the structure, subject 
to external forces described by an accelerogram, by solving the equations 
of motion of the structure. When the behavior of the structure is into 
the non linear range, such as the case of the historical masonry buildings, 
the equation of the motion has to be solved by using numerical methods. 
In 1959 N. M. Newmark developed a family of time-stepping numerical 
methods which, being noted the values of the external force at regular 

generally constant time step Dt, gives the values of displacement velocity 
and acceleration of the structure, starting from the results of the previous 
step. The Newmark method is exhaustively discussed in Chopra 2000 
and it was adopted in the non linear dynamic analysis performed and 
illustrated in the following chapters. 
When the Newmark method is adopted two recommendations about the 
time step size should be respected: 
1) it is sufficiently small compared with the accelerogram duration (td): 

ЎὸḺὸ 
2) 20 time steps must be applied in the small period (Ti) of the highest 
mode, in order to correctly reproduce the system response: 

Ўὸ
ρ

ςπ
Ὕ 

The highest mode of the structure should be chosen considering that a 
cumulative participating mass ratio at least equal to 90% is adequate to 
realistically describe the seismic response of the buildings, according to 
Eurocode 8 (CEN, 2004) . 

 
Even if some authors consider the non linear dynamic analysis as the 
only option for irregular structures (Chambers and Kelly, 2004), it has to 
be said that it involves also some limitations (Powell, 2006). First of all, 
the time for a dynamic analysis increases substantially as the size of the 
structure increases and it implies that this kind of analysis for historical 
masonry building is strongly time demanding. Moreover, if the analysis is 
carried out for several ground motions, there can be substantial variation 
in the results. This is partly because nonlinear behavior is inherently 
sensitive to relatively small changes in the ground motion. The Eurocode 
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8 promotes the use of at least seven accelerogram, allowing both artificial 
and real or simulated accelerograms. However, the artificial 
accelerograms may lead to a non conservative estimation of the seismic 
response. Great effort is necessary to ensure that their spectra are 
suitable to seismic analysis (Bazzurro and Luco 2003, Cornell 2004).  On 
the other hand, the recently increasing accessibility to data bases of 
natural accelerograms recorded during real earthquakes helped 
significantly in using natural records (Iervolino et al., 2009). 
In spite of the above mentioned limitations, the non linear dynamic 
analysis has been recently used for the structural analysis of complex 
masonry buildings such as masonry arch bridges (Pelà, 2013), gothic 
cathedral (Elyamani 2015), masonry churches (Milani and Valente, 2015), 
and also for the study of macro-elements of historic masonry churches 
(Giresini et al. 2014, Giresini 2016). 
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2 SEISMIC CAPACITY OF HISTORICAL 
BUILDINGS: COMPARISO N OF DIFFERENT 
MODELLING STRATEGIES  

2.1 INTRODUCTION  

The seismic capacity of multi-storey historical buildings (used for 
residences, public offices, schools etc.) is studied in this chapter, 
considering a sample of four case studies. In detail the in-plane seismic 
capacity of the walls is evaluated performing the non linear static (push-
over) analysis, compared with the limit analysis.  
The masonry walls of such buildings, characterized by openings regularly 
or irregularly arranged, are usually modelled as equivalent frame 
8discussed in section 1.1), as it is also suggested by the Italian technical 
code (NTCõ08). This structural modelling permits to perform a non-
linear incremental collapse analysis of the masonry walls with a reduced 
computational effort, in comparison with the models made of bi or 
three-dimensional elements. However more sophisticated modelling 
strategies are used, such as the macro-element modelling, finite element 
method or discrete element method which have been described in 
section 1.1.  
The mentioned modelling strategies are implemented by different 
computer codes. Much study in the recent years is focused to compare 
the results provided by different approaches and different codes. Studies 
have proven that they are affected by a certain uncertainty and different 
codes, even if implementing the same modelling strategy, do not give 
always comparable results. 
Bucchi et al. (2009) carried out the push-over analysis of five case studies 
(masonry schools), comparing the results provided by ANDIL Wall (v. 
2.0.1.) and 3Muri (v. 3.2.11.). Both software implement the equivalent 
frame approach. In terms of base shear, the codes provided average 
variance equal to 12% with a maximum difference of 32%. In terms of 
maximum displacements, the average variance was 27% with a maximum 
value of 70%. It was concluded that the commercial codes were still not 
able to provide a reliable result and, consequently, the assessment of the 
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seismic capacity, based only on numerical investigation, was not 
suggested. 
Arangio et al. (2013) studied a simple three-dimensional building by 
using SAP 2000, to implement the equivalent frame approach. The 
results were compared with 3Muri. The difference between the results 
obtained from the two codes reached 50% both in terms of base shear 
and in terms of displacements.  
In this chapter the push-over analysis was carried out by using equivalent 
frame approach, macro-element modelling and finite element method. 
3Muri and 3DMacro, very common in the Italian professional 
community, were respectively used for the equivalent frame and the 
macro-element modelling. Abaqus, generally used in the research field, 
was used for the finite element analysis. The results obtained from the 
different codes were compared in terms of load multipliers and 
maximum displacements. The push-over analysis were also compared 
with the limit analysis. Finally a link between the seismic capacity of 
single walls and complete building was investigated. 
 

2.2 CASE STUDIES 

Four  case studies were selected to perform the analyses, two located in 
Naples, and two in LõAquila (Fig. 2.1). They have the typical geometrical, 
and mechanical characteristics of Italian buildings in the XVII-XVIII 
centuries.  The floors do not have any rigid behavior, belonging to first 
or second class of Pagano classification (Pagano, 1968).  
A brief description of each case study is presented in the following. 
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a) b) 

 
 

c) d) 

            
Figure 2.1 Building case studies: a) Palazzo Scarpa (Naples); b) Ex prison S. 
Francesco (Naples); c) Palazzo Centi (LõAquila); d) De Amicis school 
(LõAquila). 

2.2.1 Palazzo Scarpa (Naples) 

The Palazzo Scarpa building was built in 1906, and it can be said a typical 
example of the Neapolitan residential buildings. Plan and frontal view 
are plotted in Figure 2.2. It is characterized by a nearly rectangular plan, 
approximately 20mx40m with a central rectangular core 10mx5m; it 
consists of six storeys above the ground level and a basement below. The 
overall height of the building is 27.5m.The walls are made of Neapolitan 
yellow tuff, except of the basement and the ground floor, consisting of 
clay-brick. The wall thickness is 120cm, at the basement, and it gradually 
decreases at the higher levels being 50cm thick at the 5th level is. 
According to Pagano classification, the building belongs to the second 
class, having continuous masonry walls and horizontal floors consisting 
of beams simply supported by the masonry walls. 
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Figure 2.2 Palazzo Scarpa: frontal view and plan of the first floor 

2.2.2 Ex prison S. Francesco (Naples) 

The Ex prison S. Francesco (Fig. 2.3) is located in the historical center of 
Naples and has a strong historical interest, in consideration of its 
different occupancy over time. Originally it was a monastery; at the end 
of 1700, it was converted into a hospital to serve the city prisons, 
assuming the nowadays architectural aspect. Later, in 1923, the building 
was further modified to allow the accommodation of judicial offices.  
The building has five floors above ground and it has a rectangular plan, 
with two courtyards; in plan the total size is about 78x36 m, while the 
two inner courts, almost square, are 16x17 and 15x19m, respectively. 
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The overall height of the building is approximately 25.9m. The thickness 
of the main walls varies from 140 cm, at the first level, to 70cm at the 
last one.  
 

 

Figure 2.3 Ex prison S. Francesco :  frontal view and plan of the first floor 

The structure is made of tuff masonry except of the top level, built in a 
subsequent time, made of clay brick and mortar walls. Except of the roof 
composed of steel beams, the floors consist of tuff vaults. According to 
the Pagano classification, the building belongs to the first class. 

2.2.3 Palazzo Centi (LõAquila) 

Palazzo Centi (Fig. 2.4) was the prestigious residence of the Centi-Colella 
family. The construction started in 1776 on the basis of the design by 
Loreto Cicchi da Pescocostanzo. Before the 2009 earthquake, it was the 
headquarter building of Regione Abruzzo; it is located in Piazza S. 
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Giusta, in the historical centre of LõAquila and it represents a 
masterpiece of the city baroque architecture of the city.  

 

 

Figure 2.4 Palazzo Centi :  frontal view and plan of the first floor 

The building has a rectangular plan, with dimensions 30.9 x 41.4 m; the 
internal courtyard is 9 x 11 m. Originally Palazzo Centi had only three 
levels; more recently, a penthouse called ôôcastellinaõõ was added on the 
roof. The height from the ground level to the original roof is 19.4 m.  
The walls are made of rubble stone masonry, with the two external layers 
mainly made of mixed roughly squared stones and clay bricks. The 
façade and the courtyard walls are 90 cm thick, while the internal walls 
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are usually 80 cm thick, only in few cases 70 cm; for all walls the 
thickness remains constant from the base to the top. 
The horizontal structures are clay bricks pavilion vaults, with thickness at 
least equal to 12.5 cm. The roof structure is made of wooden trusses 
(Simple Palladiana type), with underneath ceilings vaults made of bricks 
or fake vault, called ôôcamorcannaõõ. Thus Palazzo Centi also belongs to 
the first class of the Pagano classification.  
Palazzo Centi experienced significant damage during 2009 LõAquila 
earthquake. Detailed informations on the seismic damage and 
performance of Palazzo Centi after LõAquila earthquake can be found in 
Lucibello (2013) and Lucibello et al. (2013).  

2.2.4 De Amicis school (LõAquila) 

The De Amicis School  (Fig.2.5) is located in the historical center of 
LõAquila. It is the remaining part of the S. Salvatore hospital, which was 
built during in XV century.  
It has a rectangular plan, on the whole 52.4mx44m, with an internal 
courtyard of 24.9x13.7m. The building has three levels and the overall 
height is 19.80 m on the south side (in San Bernardino square) and 17.50 
m on the north side. 
The walls are very thick and, in some cases, the walls thickness exceeds 
2m. However the thickness decreases at the higher level and, at the top, 
the walls are at most 1m thick. 
The horizontal structures consist of barrel vaults and cross vaults at the 
first floors, while steel beams integrated in the lightweight mortar slab 
are at the second floor; the roof structure is made of wooden trusses. 
According to Pagano, the De Amicis School can be classified as second 
class building. 
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Figure 2.5 De Amicis school :  frontal view and plan of the first floor 
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2.3 ANALYSES BY MEANS OF SIMPLIFIED MODELLING  

Two types of simplified modelling were first used to perform the push-
over analysis: equivalent frame approach and macro-element modelling. 
The equivalent frame was adopted by using the software 3muri, while the 
macro-element modelling was implemented through 3DMacro software.  

2.3.1 Equivalent frame modelling implemented by 3Muri 

Tremuri program, provided by S.T.A. Data S.r.l, is one of the most used 
software in Italy for the structural analysis of masonry buildings. The 
modelling implemented in 3Muri can be defined FME (Frame by Macro 
Elements), because it is based on the non-linear macro-element model, 
representatives of a whole masonry panel. This macro-element model, 
mentioned in section 1.1 was firstly developed by Gamabrotta and 
Lagomarsino (1996) and Brencich and Lagomarsino (1997, 1998). After 
it was improved with the cooperation of Penna (2002) and Galasco et al. 
(2004). A more recent refined model is illustrated in Penna et al. (2014).  
A complete explanation of the codeõs theory was detailed by 
Lagomarsino et al. (2013) and an user manual was provided by 
STADATA (2012). Here a summary of the modelling strategies 
implemented by the code is given. 
The macro-element permits, with a limited number of degrees of 
freedom to represent the two main in-plane masonry failure modes, 
bending-rocking and shear-sliding (with friction) mechanisms, on the 
basis of mechanical assumptions. This model considers, by means of 
internal variables, the shear-sliding damage evolution, which controls the 
strength deterioration (softening) and the stiffness degradation. Figure 
2.6 shows the three sub-structures in which a macro- element is divided: 
two layers, inferior (1) and superior (3), in which the bending and axial 
effects are concentrated; the central part (2) suffers shear-deformations 
and presents no evidence of axial or bending deformations. The 
complete 2D kinematic model takes into account the three degrees of 
freedom for each node òió and òjó on the extremities (axial displacement 

w, horizontal displacement u and rotation ), and two degrees of 
freedom for the central zone (axial displacement Ǣ and rotation Ǵ). It is 
assumed that the extremities have an infinitesimal thickness.  
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Figure 2.6 Kinematic model for the macro-element (Gambarotta, 1996) 

 
3Muri divides each wall in such macro-element and idealizes the wall in 
an equivalent frame. Figure 2.7 summarizes the main steps of the frame 
idealization procedure in a regularly perforated masonry wall: from the 
identification of spandrels and piers (steps 1 and 2), defined on basis of 
the vertical alignment and overlap of openings, to that of nodes (step 3).  
 

 

Figure 2.7 Example of equivalent frame idealization in case of regularly 
distributed openings (Lagomarsino et al.2013) 

The geometry of the rigid nodes comes out directly from the previously 
defined elements that are connected to them. Once having idealized the 
masonry wall into an assemblage of structural elements, 3Muri considers 
these as non-linear beam elements with lumped inelasticity idealization 
(bilinear elastic perfectly plastic behaviour). The deformation and non-
linear response are concentrated in spandrels and piers, instead the nodes 
are considered as portion rigid, which connect the deformable ones 
(step4). Earthquake damage observation shows, in fact, that only rarely 
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(very irregular geometry or very small openings) cracks appear in these 
areas of the wall. 
 

2.3.1.1 Macro-element modelling implemented by 3DMacro 

3DMacro program is developed by Gruppo Sismica S.r.l. and validated 
by numerous research investigations (Caliò et al. 2004, 2005, 2008, 2012). 
The basic macro-element of the proposed simplified approach, 
mentioned in section 1.1, has a simple and easy-comprehensive 
mechanical scheme, shown in Figure 2.8.  
It is represented by an articulated quadrilateral constituted by four rigid 
edges connected by four hinges and two diagonal non-linear springs. 
Each side of the panel can interact with other panels or elements or 
supports by means of a discrete distribution of nonlinear springs, 
denoted as interface. Each interface is constituted by N nonlinear 
springs, orthogonal to the panel side, and an additional longitudinal 
spring which controls the relative motion in the direction of the panel 
edge.  
Given a simple masonry wall it is possible defining a minimum number 
of panels composing. 3DMacro couple each panels with the defined 
macro-element. However the model can also be refined by using more 
panels in order to better describe the kinematics of the masonry walls 
(Fig.2.9). 
 

 
a) b) 

Figure 2.8  The basic macroelement: a) undeformed configuration; b) deformed 
configuration (Caliò et al. 2005). 
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Figure 2.9  Masonry wall and corresponding macro-element discretizations with 
different mesh resolutions (Caliò et al.2012) 
 
In spite of its great simplicity, such a basic mechanical scheme is able to 
simulate the main in-plane failures of a portion of masonry wall 
subjected to horizontal and vertical loads: the flexural failure, the 
diagonal shear failure and sliding shear failure. The flexural failure mode, 
associated to the progressive rupture of the panel in the tensile zone 
and/or to the crushing of the panel in the compressive zone, can be 
reproduced by the transversal springs of the interfaces that simulate the 
axial and flexural deformability of the masonry panel. In these nonlinear 
springs all the flexural properties of the portion of masonry which the 
panel represents are lumped and each transversal spring has been 
calibrated by assuming an non-symmetric elasto-plastic behaviour with 
limited deformability. 
The diagonal-shear failure mode and the consequent formation of 
diagonal cracks along the directions of the principal compression stresses 
can be governed by means of the two diagonal nonlinear springs which 
have the role to simulate and predict the nonlinear shear response of the 
modelled masonry portion. To simulate the shearing behaviour an elasto-
plastic constitutive law with a Turnsek & Cacovic yielding surface is 
considered. 
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The sliding-shear failure mode is associated to the sliding of the masonry 
panel in its own plane and it can be controlled by the longitudinal 
nonlinear springs of the interfaces. This spring is characterised by a rigid 
plastic constitutive law with a Mohr-Coulomb yielding surface. 
The degrees of freedom of the structural scheme are associated to the in-
plane motion of the panels. Each panel exhibits three degrees of 
freedom, associated to the in-plane rigid body motion, plus a further 
degree of freedom needed for description of the panel deformability. 
Hence the total degrees of freedom of a N panels structural scheme are 
4N corresponding with the four displacements of the rigid edges along 
their own directions have been chosen. 

2.3.1 Push-over analysis performed on the façades of the case 
studies 

2.3.1.1 Input data analysis 

The push-over analysis was performed on the façade of the case studies. 
The geometry of the façade, simplified and deprived of the architectural 
elements, is plotted in Figure 2.10. 
Table 2.1 reports some geometrical characteristics of the principal 
façades: an average value of the pier width (Beq); the width of the 
opening (L); the height of the opening (h); the ratio R=Beq/ L; the ratio 
Sn=h/B eq. The parameters R and Sn were defined by Sparacio in 2009. 
The ratio R gives a measure of the ratio solids/voids, while the ratio Sn 
defines the slenderness of the piers. These ratios assume higher values 
for the buildings in LõAquila, which in fact are more massive to prevent 
the higher seismic hazard. 
It is noted that the buildings were intentionally ordered on the basis of 
the R value. The case studies assumes values of R spanning between 1.6 
and 3.6; so it can be said that the sample of study is quite representative 
of a large quantity of masonry walls and, consequently it provides a 
certain generality of the results. 

Table 2.1 Geometrical parameters of the four case studies 

Building  Beq=SBi
2/SBi L h R=Beq/L  Sn=h/B eq 

Palazzo Scarpa 2.2 1.4 3.3 1.6 1.5 

Ex p. S.Francesco 4.0 1.6 2.9 2.5 0.7 

Palazzo Centi 4.2 1.2 2.4 3.5 0.6 

De Amicis school 4.6 1.3 2.8 3.6 0.6 
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Figure 2.10 Geometry of the principal façade of the building case studies: a) 
Palazzo Scarpa; b) Ex prison S. Francesco; c) Palazzo Centi; d) De Amicis 
school 
 

a) 

b) 

c) 

d) 
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The following values were adopted for he material properties requested 

by the used codes: self-weight g=20kN/m3, Youngõs modulus 
E=2000MPa, tangential elastic modulus G=800MPa, compressive 
strength fm=2MPa, shear strength fvko=0.03MPa.  
The definition of a mesh is not necessary in 3Muri, since an equivalent 
frame model is automatically created by the code. As mentioned in the 
previous section, 3DMacro permits a mesh more refined than the basic 
scheme composed by one macro-element for each panel (spandrel, pier 
or node). However in this study a basic-mesh was chosen to assure the 
reliability of the comparison. Sensitivity analysis pointed out a negligible  
higher accuracy of the results obtained with more refined mesh.  
The walls were considered fixed at the base and horizontal loads 
proportional to the masses were applied. The displacement of the 
control points, indicated in Figure 2.10, was evaluated during the 
increasing of the loads.  

2.3.1.2 Results  

The results obtained for each façade are presented in the Figures from 
2.11 to 2.14, where the capacity curves for the façade of each case study 
are given. The capacity curves are defined in terms of: 1) base shear vs 
displacement of the control point, 2) base shear divided by the total 

weight (namely the load multiplier indicated as l) vs displacement 
divided by the height of the wall (d/Htot). 
It can be noted that the considered simplified modellings gave capacity 
curves appreciably different. In detail, for Palazzo Scarpa façade, 3Muri 
provided a significant decreasing of the wall stiffness, due to an almost 
immediate damage of the spandrels. This was not revealed by 3DMacro. 
However the two codes gave similar results both in terms of load 
multipliers and in terms of displacements. In the case of Ex prison S. 
Francesco, a decreasing of the wall stiffness can be noted in the 3Muri 
curve, even if it is less significant than the previous case. On the other 
hand, the two codes provided appreciable differences in terms of load 
multipliers and similar values of the displacements. Palazzo Centi is the 
case study procuring the greater variance of results: over the wall 
stiffness, the results are not consistent both in terms of load multipliers 
and in terms of displacement. Significant variance of load multiplier was 
also obtained in the case of De Amicis school . 
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a) 

 

b) 

Figure 2.11  Palazzo Scarpa : capacity curves provided by simplified modelling, 
in terms of : a) force vs displacements; b) load multipliers vs displacements 
divided by total height of the wall 
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a) 

 
b) 

Figure 2.12 Ex prison S. Francesco: capacity curves provided by simplified 
modelling, in terms of : a) force vs displacements; b) load multipliers vs 
displacements divided by total height of the wall 

0

2 000

4 000

6 000

8 000

10 000

0 10 20 30 40 50 60 70 80

V [kN]

d [mm]

Ex prison S. Francesco 3muri

3D Macro

-0.00

0.02

0.04

0.06

0.08

0.10

0.12

0.00% 0.05% 0.10% 0.15% 0.20% 0.25% 0.30% 0.35% 0.40% 0.45% 0.50%

l [-]

d/Htot  [%]

Palazzo Scarpa 3muri

3D Macrolmax3DMacro= 0.09 = lmaxTremuri



Chapter 2 

 

 
a) 

 
b) 

Figure 2.13 Palazzo Centi: capacity curves provided by simplified modelling, in 
terms of : a) force vs displacements; b) load multipliers vs displacements divided 
by total height of the wall 
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a) 

 
b) 

Figure 2.14 De Amicis school: capacity curves provided by simplified modelling, 
in terms of : a) force vs displacements; b) load multipliers vs displacements 
divided by total height of the wall 
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Table 2.2 reports for each case study the value of lmax and dmax/H tot 
reached by the different codes. The variance between the results was also 
computed and it is reported in the Table. The variance between 3Muri 

and 3DMacro is in the range 8·24% in terms of l, while it is always 
lower than 13% in terms of displacement, except of Palazzo Centi, 
which revealed variance equal to 62%. 
 

Table 2.2  Load multipliers, displacements and related variances given by the 
different commercial codes 

  
lmax  dmax /H tot  Dl  Dd  

  [-] %  % % 

Palazzo Scarpa 
3Muri 0.09 0.36  

8 7.0 
3DMacro 0.08 0.33  

Ex prison S. 
Francesco 

3Muri 0.22 0.23  
24 13.0 

3DMacro 0.17 0.26  

Palazzo Centi 
3Muri 0.26 0.23  

17 62 
3DMacro 0.32 0.61  

De Amicis school 
3Muri 0.34 0.13  

12 11 
3DMacro 0.39 0.11  

 

 
However the three codes agree about the failure mechanism which led 
the collapse of the wall. Figures 2.15 and 2.16 show the damage 
observed in the façades at the ultimate state of the analysis. For all the 
case studies the figures reveal the shear failure of the spandrels, except of 
the case of De Amicis School that collapsed for the shear failure in the 
wall piers.  
 
 
 
 
 
 



2. Seismic capacity of historical buildings: comparison of different modelling strategies 

35 
 

  
a_ 3Muri) 

 
a_ 3Dmacro) 

  
b_ 3Muri) 

 
b_ 3DMacro) 

Figure 2.15  Comparison of the damage revealed by 3Muri and 3Dmacro for a) 
Palazzo Scarpa; b) Ex prison S. Francesco   
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Figure 2.16 Comparison of the damage revealed by 3Muri and 3Dmacro for a) 
Palazzo Centi; b) De Amicis school 

2.4 FE ANALYSIS 

The seismic capacity of the façades was verified by using the finite 
element method. The Abaqus 6.1 software was used to perform the 
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analyses. Abaqus has been adopted by the research group of the author 
for many years, in order to analyze masonry structures. The material 
model, employed by the software to describe the masonry behavior, was 
extensively illustrated by Giordano (2001), Santaniello (2010) and 
Lucibello (2013). Here a brief summary is provided on the basis of the 
cited references and the Abaqus Manual (Simulia, 2010).  

2.4.1 Abaqus concrete model 

To model brittle structures, Abaqus provides the òconcrete smeared 
modeló. It is a fixed multi-crack model based on a simple yield surface 
with isotropic hardening and associated flow when the state of stress is 
predominantly compressive, and uses damaged elasticity to account for 
the cracking, the occurrence of which being defined by a so-called òcrack 
detection surfaceó (Fig. 2.17). This failure surface is assumed to be a 
simple Coulomb line written in terms of the first and second stress 
invariant. The concrete model basically requires: 1) the stressðstrain 
curve in compression to be defined in tabular form as a function of 
plastic strain, 2) the shape of the failure surface via the òfailure ratiosó 
(defined in the following); 3) the post-cracking tensile behaviour defined 
by the òtension stiffeningó option. The tension stiffening implicates that, 

as the tensile strength is reached, the s-e curve goes to 0 following a 
straight or curve line, according to the user choice (Fig. 2.18). This last 
feature actually makes no sense for masonry, but a small amount of 
tensile resistance should be anyway provided to avoid numerical 
instability problems.  
 

 

Figure 2.17 Crack detection surface in biaxial stress state 
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a) b) 

Figure 2.18 Tension stiffening: a) linear and b) curve options 

In detail, the òconcrete smeared modeló uses the classical concepts of 
plasticity theory: strain rate, decomposition into elastic and inelastic 
strain rates, elasticity, flow and hardening. In the definition of the 
compression yield, the value of the magnitude of each nonzero principal 
stress in biaxial compression and the stress magnitude in uniaxial 
compression (Ǳbc/Ǳc) is given on the 1st òfailure ratioó (indicated as R1) 
data line. In the same way, the ratio of the uniaxial tensile stress at failure 
to the uniaxial compressive stress at failure (Ǳt/Ǳc) is given on the 2nd 
òfailure ratioó (R2) data line. In the definition of the flow, the value given 

on the 3rd òfailure ratioó (R3) option is representative of the ratio of epl in 

a monotonically loaded biaxial compression test to epl in a monotonically 
loaded uniaxial compression test. In tension, cracking dominates the 
material behaviour. The model uses a òcrack detectionó plasticity surface 
in stress space to determine when cracking takes place and the 
orientation of cracking. Damaged elasticity is then used to describe the 
post failure behaviour of the material with open cracks. About the crack 
orientation, although some models have been proposed (fixed model 
with orthogonal cracks, rotating model, fixed model with 
multidirectional cracks), the used model by Abaqus is the first one. The 
perpendicular to the first crack that occurs in a point is parallel to the 
maximum principal tension stress; the model remembers this direction 
so that the following cracks could form only in direction perpendicular 
to the first one. The value of the tensile failure stress ǱI in a state of 
biaxial stress when the other nonzero principal stress ǱII , is at the uniaxial 
compression ultimate stress state is defined by the 4th òfailure ratioó (R4). 
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2.4.2 Sensitivity analysis 

As discussed in section 1.1, the FE analysis needs an accurate definition 
of the characteristics of the model. A parametrical analysis was 
performed to evaluate the sensitivity of the software to the following 
characteristics: 
- Material constitutive law in compression 
- Compressive strength 
- Ultimate strain 
- Tensile strength 
- Mesh size 
The material properties kept constant are listed in Table 2.3. The failure 
ratios: R2, R3, R4 were established on the basis of the studies carried out 
by Giordano (2002). In order to correctly calibrate the model parameters 
for masonry structures, Giordano adopted a curve-fitting procedure. The 
results of various experimental tests on tuff masonry panels, were 
compared with the FE results obtained by using Abaqus.  
The sensitivity analysis was performed on a simple geometry: the portal 
frame plotted in Figure 2.19. I was loaded, at first step, with the self 
weight and, at the second step, with an forces proportional to the masses 
incrementally applied. 

Table 2.3  Material parameters kept constant 

Material Model Density Youngõs 
modulus 

Poisson 
ratio 

R1 R3 R4 Tension    
stiffening 

 

[kg/m³] [MPa] [-] [-] [-] [-] [m] 
 

Smeared cracking 2000 1833 0.25 1.16 1.33 0.3 0.003 
 

 

Figure 2.19  Geometry of the masonry portal frame 
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2.4.2.1 Material constitutive law 

The influence of the material constitutive law was assessed analyzing the 
portal frame by using four different stress-strain curves. These are 
presented in Figure 2.20. The first one was provided by Kaushik et al. 
(2007), who developed an analytical model, by regression analysis of 
experimental data, to plot the masonry stress-strain curves, which follow 
a combination of parabolic and linear variation. The second law was 
recommended by the Eurocode6 (CEN 1996). The material constitutive 
laws 3 and 4 were adopted in previous similar studies by Lucibello (2013) 
and Brandonisio (2007), respectively. 
The comparison of the results obtained with each constitutive law is 
shown in Figures 2.21, where the capacity curves are plotted in terms of 
base shear vs displacements and load multipliers vs displacement divided 
the height of the portal frame. As it can be observed, the different stress-
strain laws gave similar results, proving that this parameter does not have 
a significant influence on the results. In detail the laws 1 and 2 gave 
exactly the same capacity curve, while minimal differences were found 
with the law 3. More appreciable variance was noted when the law 4 was 
adopted, especially in terms of displacement at the ultimate state. This is 

equal to 5 mm adopting the law four, while it is in the range 6.5·6.8mm 
by adopting the other laws. 
 

  

  

Figure 2.30  Parameter 1: material constitutive laws 
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a) 

 
b) 

Figure 2.41 Comparison of the curves obtained with different material 
constitutive laws in terms of: a) force vs displacements, b) load multipliers vs 
displacements divided by total height of the wall 

0

20

40

60

80

100

0.0 1.0 2.0 3.0 4.0 5.0 6.0 7.0

V [kN]

[ɻmm]

M.c. law 1

M.c. law 2

M.c. law 3

M.c. law 4

0.0

0.2

0.4

0.6

0.8

1.0

0.00% 0.02% 0.04% 0.06% 0.08% 0.10% 0.12% 0.14% 0.16% 0.18%

l[-]

/ɻH tot [%]

M.c. law 1

M.c. law 2

M.c. law 3

M.c. law 4



Chapter 2 

 

2.4.2.2 Compressive strength 

The sensitivity to the compressive strength (fc) of the material was 
evaluated performing the analysis with four different values of fc, equal 
to 2, 3, 4, 5 MPa. Figure 2.22 shows the four considered stress-strain 
relationship. The constitutive law 2 was adopted. In order to keep 
constant the values of yield strain and ultimate strain, different values of 
the Youngõs modulus were assumed. Moreover, different values of the 

second failure ratio (R2 = st/sc) were assigned to keep constant the 
tensile strength.  
Figure 2.23 shows the resulting capacity curves in terms of base shear vs 
displacements, and load multipliers vs displacement divided the height of 
the portal frame. As expected higher values of compressive strength 
corresponds to higher value of load multipliers, even if the 
correspondence is not directly proportional, due to the shape of the 
failure surface. Moreover the maximum ultimate displacement was 
obtained with the lowest value of the compressive strength because, 
according to the adopted constitutive law,  it associated to the smallest 
value of the Youngõs modulus.  
 

  
E = 1833 MPa  R2 = 0.05 E = 2750 MPa  R2 = 0.033 

    

  
E = 3666 MPa  R2 = 0.025 E = 4583 MPa  R2 = 0.02 

Figure 2.52 Parameter 2: compressive strength 
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a) 

 
b) 

Figure 2.63 Comparison of the curves obtained with different compressive 
strength (fc) in terms of: a) force vs displacements, b) load multipliers vs 
displacements divided by total height of the wall 
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2.4.2.3 Ultimate strain 

The influence of the ultimate strain (eu) was evaluated by considering 

four different values of eu  equal to: 5 , 12.5 25 50 The material 

constitutive law 2, with a compressive strength equal to 2 MPa, was 
assigned. Figure 2.24 shows the four adopted stress-strain relationship. A 
second failure ratio R2 equal to 0.05 was assumed. 
Similarly to the previous studied parameters, Figure 2.25 shows the 
comparison of the capacity curves obtained considering the different 
values of ultimate strain. The capacity curves are identical and then they 
appear as one curve in the graphs. Therefore the curves, in terms of load 
multipliers vs displacement divided the height of the portal frame, are 
individually plotted in Figure 2.26.  
It can be deduced that the increasing of the ultimate strain does not 
influence the results of the analysis, and in particular does not lead to 
increasing of the ultimate displacement. The collapse of the structure 
occurred at the same state, for the development of hinges at the base of 
the pillars and at the connection between the beam and piers.  
 

 
 

    

  

Figure 2.74  Parameter 3: ultimate strain 
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a) 

 

b) 

Figure 2.85  Comparison of the curves obtained with different ultimate strain 

(eu) in terms of: a) force vs displacements, b) load multipliers vs displacements 
divided by total height of the wall 
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Figure 2.96  Capacity curves obtained with different ultimate strain (eu) in terms 
of load multipliers vs displacements divided by total height of the wall 
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a) 

 

b) 

Figure 2.107  Comparison of the curves obtained with different failure ratios (R2 

= st/ sc) in terms of: a) force vs displacements, b) load multipliers vs 
displacements divided by total height of the wall 
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This result weakens the stability of the FE analysis, because it is noted 
that the tensile strength for masonry structures is difficult to define, and 
different methodology and rules are provided in the literature. Casati and 
Galvez (2009) established that tensile strength is not more than 10% of 
the compressive strength. Brignola et al. (2008) proposed a methodology 
for the evaluation of the tensile strength from the diagonal compression 
test. Zero tensile strength was used without problems of numerical 
convergence  by Silva et al. (2001) and by Ramos and Lourenco (2002, 
2003, 2004, 2005). Ceroni et al. used a tensile strength of 5% of the 
compressive strength, in accordance with the recommendation of the 
Italian building code (O.P.C.M. 3431, 2005). Although these values, 
suggested by the literature, appear similar, the parametrical analysis 
proved that also small difference of the tensile strength procures great 
difference of the results, both in terms of displacements and in terms of 
load multipliers. 
 

2.4.2.5 Mesh size 

Finally the influence of the mesh size was evaluated. Four different mesh 
sizes were adopted and they are plotted in fig.2.28. The material 
constitutive law 2, with compressive strength equal to 2 MPa and R2 
equal to 0.05 was adopted. 
The comparison of the capacity curves obtained from the analysis is 
shown in Figure 2.29. It can be noted that the same value of load 
multiplier is reached for each considered mesh size. However the 
maximum ultimate displacement is given by using the largest mesh, 
proving that the numerical progress of the analysis is improved by the 
less refined mesh. Similar results were obtained by Santaniello (2010). 
 

    

Mesh size = 0.05 m Mesh size = 0.1 m Mesh size = 0.2 m Mesh size = 0.3 m 

Figure 2.118  Parameter 4: mesh size 
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a) 

 
b) 

Figure 2.129  Comparison of the curves obtained with different mesh size in 
terms of: a) force vs displacements, b) load multipliers vs displacements divided 
by total height of the wall 
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2.4.3 Push-over analysis performed on the façades of the case 
studies 

The façades of the four historical buildings, were analyzed by means of 
the FE approach. The characteristics of the models were assigned both 
considering the sensitivity analysis and in order to permit the comparison 
with the results obtained using the simplified modellings. The material 
constitutive law 2 with a compressive strength equal to 2 MPa was 
adopted. The ultimate deformation was considered equal to 5. A 

tensile strength equal to 3% of the compressive strength was used 
(R2=0.03). This value was chosen because it is the lowest providing 
satisfactory numerical progress of the analysis. For the other material 
properties, the values reported in Table 2.3 were used.   
The masonry walls have been modelled using quadrilateral thick shell 
linear element (S4R). An average value of the mesh size equal to 0.25 m 
was adopted, which was a good compromise between accuracy of the 
results, computational effort and provided displacement capacity.  
The façades are constrained on the base with a fixed support and loaded 
at first step with the self weight and at the second step with an horizontal 
body forces incrementally applied. 
The capacity curves of each façade are plotted in Figures 2.30-2.33. As in 
the previous analysis the curves are given both in terms of base shear vs 
displacements, and in terms of load multipliers vs displacement divided 
the height of the portal frame. The displacements of the control points 
indicated in Figure 2.10 were considered. It can be noted that very small 
displacements were obtained from the FE analysis. Moreover the  
capacity curves did not present a decreasing tract, giving rise to doubt 
about the effective ultimate capacity of the wall. It depends on numerical 
modelling performed to Abaqus that, up to a certain level of damage, has 
many difficulty of convergence, so the software aborts the analysis. 
Therefore, this software seems to be not able to evaluate the realistic 
maximum displacement of the wall. However reasonable values of the 
load multipliers were reached, comparable with the results found 
through the simplified modelling.   
Figure 2.34 shows the damage state at the ultimate state of the FE 
analysis. It can be noted that, in agreement with the simplified modelling, 
the FE analysis indicates that the collapse of the façades is due to the 
shear failure of the spandrels, for the most of the cases.  
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a) 

 
b) 

Figure 2.30 Palazzo Scarpa: capacity curves provided by FE analysis,  in terms 
of: a) force vs displacements; b) load multipliers vs displacements divided by 
total height of the wall 
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a) 

 
b) 

Figure 2.31 Ex prison S. Francesco: capacity curves provided by FE analysis,  in 
terms of: a) force vs displacements; b) load multipliers vs displacements divided 
by total height of the wall 
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a) 

 
b) 

Figure 2.32 Palazzo Centi: capacity curves provided by FE analysis,  in terms of: 
a) force vs displacements; b) load multipliers vs displacements divided by total 
height of the wall 
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a) 

 
b) 

Figure 2.33 De Amicis school: capacity curves provided by FE analysis,  in 
terms of: a) force vs displacements; b) load multipliers vs displacements divided 
by total height of the wall 
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a) 

 
b) 

 
c) 

 
d) 

Figure 2.34  Damage at the ultimate state on the façade of: a) Palazzo Scarpa, b) 
Ex prison S. Francrsco, c) Palazzo Centi; d) De Amicis school 
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2.5 L IMIT ANALYSIS  

The in-plane seismic capacity of the four façades was finally evaluated by 
means of the limit analysis approach which consists in: (i) defining the 
possible collapse mechanisms; (ii) evaluating the seismic capacity, i.e. the 
value of horizontal force corresponding to the activation of the 
mechanism; (iii) comparing the seismic capacity with the seismic 
demand.  
According to the above procedure, the global collapse mechanism of the 
generic masonry wall of Figure 2.35, was hypothesized for the in-plane 
failure mode of the principal façade of the building case studies. It is 
characterized by the formation of hinges at the ends of the girders and at 
the base of the piers. The corresponding multiplier of the horizontal 

actions l, can be evaluated by means of the following closed form 
expression: 
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Figure 2.35 Limit analysis: (a) geometrical dimensions of a generic masonry 
wall; (b) considered frame collapse mechanism 
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where B, H and t are the parameters that define the wall geometry 
(Figure 2.35), nb is the number of bay spans, ns is the number of storeys, 
Wp,i is the weight of the wall pier ith, Ws,j is the weight of the spandrel jth, 
Wtot is the total weight. 
The Eq. (1) was deduced by Lucibello (2013) on the basis of the 
methodology adopted by Como and Grimaldi (1983). More detailed 
information on the expression can be found in Lucibello (2013). 
The Eq. (1) was applied to the principal façades of the building case 
studies. Table 2.4 reports the average values of the geometrical 
parameters for each façade.  
 

Table 2.4  Geometrical parameters of the façades  

Building  Bm hm Lm tm H  nb ns 
 [m] [m] [m] [m] [m] [m] [m] 

Palazzo Scarpa 2 2.9 1.3 1 3.9 6 11 

Ex p. S.Francesco 3.5 3.4 1.85 2.15 5.55 5 14 

Palazzo Centi 3.5 2.7 1.65 2.3 5 3 7 

De Amicis school 4.4 3.5 1.3 2.5 6 2 7 

   

 

Figure 2.36  H orizontal collapse multipliers for the principal façades of the 
building case studies 
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The values of the horizontal collapse multiplier l are reported in the 

graph of Figure 2.36,  as a function of the Bm/H tot ratio. The points, 
indicating the limit multipliers, are all allocated very close to the bisector 

line (l=Bm/H tot). This is due to fact that the contribution of the spandrels 
to the horizontal capacity is always negligible than the contribution of 
the piers, because the façades are characterized by low values of the 
Aspandrel/A tot ratio, variable in the range 10%-16%. When the total weight 

of the spandrels is negligible: i.e. 0
1

, @ä
Ö

=

tot

nn

j

js WW
sb

, the Eq. (1) 

provides the following approximated expression of the collapse 

multiplier: l=Bm/ (ns·H)=Bm/H tot, corresponding to the bisector line 
equation. 
It can be deduced that, if the contribution of the spandrels is negligible, 
the complex Eq. (1) could be simplified by a simple ratio: the average 
value of the pier width, divided by the total height of the wall. 
Consequently, the following simplified expression (2) is proposed, which 
implicitly takes into account the simplified modelling of masonry walls, 
shown in Figure 2.37 . 
 

‗ Ȣ

Вὄ

Вὄ
ȾὌ        ς 

 

Figure 2.37 Simplified formula and corresponding simplified modelling of a 
generic masonry wall 

Htot
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It can be noted that the ratio 
В

В
 has been used, to evaluate the average 

value of the pier width. It, in fact, provides a more accurate measure of 
the relative importance of the single piers. 

2.6 COMPARISON OF THE RES ULTS 

Figure 2.38 and2.39 show the comparison between the capacity curves 
carried out by using the simplified modelling and the FE method. The 
horizontal lines corresponding to collapse multipliers evaluated with the 
Eq. (1) and with the simplified Eq. (2) are also reported on the graphs. 
As expected  the displacements reached with the FE analysis are much 
lower and not comparable with the displacements provided by the 
simplified modelling. In terms of load multipliers, the variance between 
FE and simplified modelling is on average equal to 20%. However it 
should be noted that in the case of the Ex prison S. Francesco, the FE 
analysis gave a maximum load multiplier 45% lower than Tremuri.  
On the other hand the FE results are in good agreement with limit 
analysis. In detail the scatter between the load multipliers is on average 
equal to 6% and only in the case of Palazzo Scarpa the scatter assumes a 
significant value equal to 19%. 
The simplified modelling revealed higher scatter compared with the limit 
analysis. In detail the difference between the load multipliers is on 
average equal to 18% and 16%, respectively considering 3Muri and 
3DMacro codes. However, as the scatter are always lower than 20%, it 
can be said that the seismic capacities assessed using the push-over 
analysis are not very different from those measured with the limit 
analysis. 
Moreover the figures 2.38 and 2.39 confirmed that the collapse 
multipliers obtained by using the Eq. 1 and 2 are very similar. Therefore, 
the simplified formula produces a good approximation of the frame 
collapse mechanism.  
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a) 

 
b) 

Figure 2.38  Comparison between simplified modelling - FE analysis ð limit 
analysis for a) Palazzo Scarpa; b) Ex prison S. Francesco 
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a) 

 

b) 

Figure 2.39 Comparison between simplified modelling - FE analysis ð limit 
analysis for a) Palazzo Centi; b) De Amicis school 
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Finally Figure 2.40 reports on the x axes the ratio 
В

В
 /H tot (indicated as 

Beq/H tot), and on the y axes the load multipliers obtained through 
simplified modellings, FE method, and limit analysis (considering the 
Eq. (1)). It can be noted that, with different approximations, all the 
approaches provided results allocated very close to the bisector line 

(l=Beq/H tot).  It suggests that, if the contribution of the spandrels is not 
so significant, the simplified formula could give a preliminary satisfactory 
measure of the seismic capacity, being noted only the geometrical 
characteristics of the wall.  

 

Figure 2.40 Non-linear analysis VS. Limit Analysis (L.A.): comparison of the 
horizontal collapse multipliers for the principal façades of the building case 
studies. 
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of the in-plane seismic capacity of the single walls. The walls in X 
direction (evidenced in Fig. 2.41a and 2.42a) furnished the seismic 
capacity of the building in longitudinal direction, while the walls arranged 
in Y direction (evidenced in Figure 2.41b and 2.42b) gave the seismic 
capacity of the building in transversal direction.  
The in-plane seismic capacity of each wall was calculated by means of a 
commercial user friendly code: CDSMa Win (Computer Design of 
Masonry). It performs push-over analysis of the structures implementing 
the equivalent frame modelling. A very easy and quick definition of the 
geometry is allowed by this code. The requested material properties are 
basically the same requested by the codes 3muri and 3DMacro (see 
section 2.3.2.1). However  it is noted that CDSMa Win adopts the 
stiffness of the cracked elements, equal to 50% of the stiffness assigned 
by the user. 
The capacity curves of the all the walls in X and Y direction are plotted 
in the graphs of Figure 2.43-2.46 , both in terms of base shear vs 
displacements of the control point, and in terms of load multipliers vs 
displacement divided the height of the portal frame. The capacity curve 
of each single wall in terms of, is also provided in Appendix A.  
The simplified formula of Eq. (2) was applied to each wall and the values 

of leq were found. The graphs of Figure 2.47and 2.48 provide, for each 

wall, the correspondence between the leq (reported on the x axes) and 
the maximum load multiplier obtained from CDSMa Win (reported on 
the y axes). It can be noted that, except of a few cases, the points 
representative of each wall are located very near the bisector line 

(lmax=Beq/H tot), in line with the results shown in the previous section. 
Finally the capacity curves of the walls were summed to obtain the 
seismic capacity of the whole building. The graphs in Figures 2.49-2.50 
show the capacity curves obtained from the sum, performed until the 
collapse of a first wall occurred.  
The obtained òsumó capacity curves were adimensionalized, dividing the 
displacements by the total height of the walls, and the base shear by the 
sum of the weight of the walls. The adimensionalized curves are plotted 
in Figures 2.51 ð 2.52. On the graphs also two horizontal lines are 

reported: one of them corresponds to the leq of the façade; the other one 

corresponds to the mean of the values of leq computed for each wall.  

First of all, it can be noted that the leq of the façade is similar to the 

mean of the values of leq. Then it is remarkable that the leq  is very close 
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to the lmax of the whole building capacity curve. Small variance was 
found between the two load multipliers at most equal to 16%. It could 
be deduced that the simplified formula of Eq. (2) does not give just a 
preliminary good estimation of the in-plane seismic capacity of a wall, 
but it can be also very helpful to provide a first indication of the seismic 
capacity of a whole building. 
 

 

 
a) 

 

b) 

Figure 2.41: Ex prison S. Francesco: a) longitudinal walls; b) transversal walls 
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a) 

 

b) 

Figure 2.42 Palazzo Centi: a) longitudinal walls; b) transversal walls 
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a) 

 

b) 

Figure 2.43 Ex prison S. Francesco: capacity curves in terms of forces vs 
displacements  of the walls in a) longitudinal direction; b) transversal direction 
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a) 

 

b) 

Figure 2.44 Ex prison S. Francesco: capacity curves in terms of load multipliers 
vs displacements divided by total height of the wall in a) longitudinal direction; 
b) transversal direction 
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a) 

 

b) 

Figure 2.45 Palazzo Centi: capacity curves in terms of forces vs displacements of 
the walls in a) longitudinal direction; b) transversal direction 
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a) 

 

b) 

Figure 2.46 Palazzo Centi: capacity curves in terms of load multipliers vs 
displacements divided by total height of the wall in a) longitudinal direction; b) 
transversal direction 
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a) 

 

b) 

Figure 2.47 Ex prison S. Francesco: comparison between leq and the load 
multipliers provided by CDS for each wall in a)longitudinal direction; b) 
transversal direction 
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a) 

 

b) 

Figure 2.48 Palazzo Centi: comparison between leq and the load multipliers 
provided by CDS for each wall in a)longitudinal direction; b) transversal 
direction 

0.00

0.05

0.10

0.15

0.20

0.25

0.30

0.35

0.40

0.00 0.05 0.10 0.15 0.20 0.25 0.30 0.35 0.40

lmaxCDS

leq

Palazzo Centi_X 1X

2X

3X

4X

5X

6X

7X

8X

9X

0.00

0.05

0.10

0.15

0.20

0.25

0.30

0.35

0.40

0.00 0.05 0.10 0.15 0.20 0.25 0.30 0.35 0.40

lmaxCDS

leq

Palazzo Centi_Y 1Y

2Y

3Y

4Y

5Y

6Y

7Y

8Y

9Y

10Y



Chapter 2 

 

 

a) 

 

b) 

Figure 2.49  Ex prison S. Francesco: sum of the capacity curves of the walls in a) 
longitudinal direction; b) transversal direction 
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a) 

 

b) 

Figure 2.50 Palazzo Centi: sum of the capacity curves of the walls in a) 
longitudinal direction; b) transversal direction 
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a) 

 

b) 

Figure 2.51 Ex prison S. Francesco: sum of the capacity curves of the walls in in 
terms of load multipliers vs displacements divided by total height of the wall: 
comparison with limit analysis 

0.00

0.05

0.10

0.15

0.20

0.25

0.0% 0.5% 1.0% 1.5% 2.0%

l[-]

/ɻH tot [%]

Ex prison S. Francesco_X
sum

leq facade= 0.12

leq a.v.= 0.11

0.00

0.05

0.10

0.15

0.20

0.25

0.0% 0.5% 1.0% 1.5% 2.0%

l [-]

/ɻH tot [%]

Ex prison S. Francesco_Y
Sum

leq facadeҒ l eq a.v. 0.11



2. Seismic capacity of historical buildings: comparison of different modelling strategies 

75 
 

 

a) 

 

b) 

Figure 2.52  Palazzo Centi: sum of the capacity curves of the walls in in terms of 
load multipliers vs displacements divided by total height of the wall: comparison 
with limit analysis 
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2.8 FINAL REM ARKS 

The in-plane seismic capacity of multi-storey and multi-bay masonry 
façades was assessed by adopting both push-over analysis and limit 
analysis approach. The push-over analysis was performed by using 
different modelling strategies:  equivalent frame, macro-modelling and 
FE method. The different modelling gave different results both in terms 
of load multipliers and in terms of displacement. In detail small scatters 

(on average equal to 15·20%) were found in terms of maximum load 
multipliers, while more significant variance was found in terms of 
ultimate displacement. Especially the FE analysis, probably due to 
numerical problems of convergence,  was not able to predict a plastic 
tract of the capacity curve and then a reliable value of the ultimate 
displacement. 
The seismic capacity obtained from the push-over analysis was 
òcheckedó by applying the limit analysis. A closed expressions was used 
corresponding to a frame mechanism of the wall. The collapse 
multipliers found through the limit analysis were in good agreement 
especially with the FE results. It follows that the limit analysis can be 
used as simple tool for checking the results of more complex analysis, 
often less manageable (pushover analysis), closely linked to the different 
modelling implemented by the computer codes. 
A simplified formula for the evaluation of the collapse multiplier was 
proposed, for masonry walls having a small percentage of spandrel area. 
It was found that the simplified formula gives results in very good 
agreement with the closed expression and also with the maximum load 
multipliers obtained from the push-over analysis. It implies that a 
satisfactory measure of the seismic capacity of the masonry wall can be 
performed using the simplified formula, being noted only the 
geometrical characteristics of the wall.  
The simplified formula was found also very helpful to provide a 
preliminary approximate estimation of the seismic capacity of the whole 
building. The collapse multiplier of the façade, as well as the average of 
the collapse multipliers of the walls which form the building,  computed 
by means of the simplified formula, resulted very similar to the 
maximum load multipliers of the building, computed through the push-
over analysis. Further investigations should be carried out in order to 
generalize this last result, verifying the reliability of the simplified 
formula on a larger sample of study.
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3 MASONRY CHURCHES: DYNAMIC BEHAVIOR 
AND APPLICABILITY OF  CONVENTIONAL 
ANALYSIS METHOD  

3.1 INTRODUCTION  

The seismic behavior of historical buildings, as it is known, represents a 
complex task due to many reasons: the limited knowledge of the 
mechanical properties of the materials, the highly non linear behavior of 
the masonry and the complexity of the geometrical configuration. In 
addition, regarding the masonry churches, the seismic analysis is further 
complicated by dynamic response of the structure. It cannot be 
accurately described considering merely the first vibration modes, as it is 
suitable for regular buildings. Due to the irregular-open plan layout and 
to the absence of connections among the structural elements, the first 
modes donõt give a significantly higher contribution to the whole seismic 
response. Therefore the applicability of the conventional analysis 
methods, based on the predominance of the first natural modes, is 
questionable for this kind of monumental buildings.  
The research group of prof. De Luca has studied this field for many 
years, adopting different analysis method as the finite element method 
and the limit analysis. In 1999 Mele and De Luca proposed an alternative 
approach to the seismic analysis of basilica-churches (Mele & De Luca 
1999). It consisted of a two-step procedure: in the step 1 static and 
dynamic linear analyses of the whole church was performed; in the step 2 
nonlinear push-over analyses of the single macro-elements, compared to 
the collapse loads derived from limit analysis, were carried out. Then, the 
strength demand on each single structural macro-elements, resulting 
from the 3D linear analyses, was compared to the macro-element 
ultimate strength capacity. The comparison demand vs. capacity was 
carried out for all transversal and longitudinal macro-elements of the 
church, allowing a direct assessment of the seismic safety level of the 
church. This approach was first applied to the church of S. Ippolisto 
Martire (Mele et al. 2003), a basilica type-church located in Atripalda 
(AV, Italy) and then to a sample study including ten churches located in 
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Naples (Brandonisio et al. 2008). More recently  four churches damaged 
during the 2009 LõAquila earthquake were also analyzed using the same 
procedures (Brandonisio et al. 2013). The dynamic analysis of the 
fourteen case studies showed the substantial difference between the 
dynamic behavior of the churches, compared with the regular buildings. 
Very small contributions in terms of participating mass were provided by 
each vibration mode and, as the result, the higher modes were taken into 
account. Therefore, in the following, this aspect of the seismic behavior 
of these churches will examined in detail. 

3.2 CASE STUDIES 

The sample study includes fourteen masonry churches characterized by 
basilica-type plan with three or five naves. The basilica plan is 
widespread in Italy and it can be found both in the churches of small 
town and in the big cathedral of the cities. Thus the fourteen case studies 
are quite different in terms of geometry and sizes and, consequently, they 
are representative of a wide range of masonry churches. Therefore this 
selection ensures a certain generality of the obtained results. 
Except of one case study, the church of S. Ippolisto which is located in 
Atripalda (AV, Italy), the fourteen case studies were selected from two 
historical centers in Italy: Napoli and LõAquila. Figure 3.1 shows the 
location of the churches inside of the two historical centers. As it can be 
observed in figure 2, nine churches are located in Naples and four in 
Lõaquila. In detail, the churches located in Naples are: S. Giovanni 
Maggiore (indicated as SGM), S. Giovanni a Mare (SGMR), S. Paolo 
Maggiore (SPM), SantõAgostino alla Zecca (SAZ), SS. Bernardo e 
Margherita a Fonseca (SBM), S. Maria in Monteverginella (SMM), S. 
Maria Vertecoeli (SMV), SS. Gennaro allõOlmo e Biagio Maggiore 
(SGO), S. Maria in Donnaromita (SMD). The other four churches 
located in Lõaquila are: S. Giusta (SG), S. Maria di Collemaggio (SMC); S. 
Pietro di Coppito (SPC), S. Silvestro (SS). 
In the following, a brief description of each church is given.  



Chapter 3 

 

 
a) 

 
b) 

Figure 3.1  Location of the churches in a) Naples; b) LõAquila 
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3.2.1 Brief description of the churches located in south of Italy 

All the churches located in south of Italy (Fig. 3.2) are made of local 
materials. In detail yellow and gray tuff were used for the walls and 
piperno to define the arches and the angles. 
The S. Giovanni Maggiore (SGM) church was built during the sixth 
century d.C., but it was significantly transformed over the centuries, in 
particular during the baroque epoch. Nowadays it presents a plan 66.1 
long and 37.7m large, divided in  three naves plan and with an apse 
having width  
of 13.4m and length of 10.2m. The maximum height is equal to 26m. 
The thickness of the walls varies from 0.7 to 1.5m. The roofing covering 
the central nave is made of wooden trusses, while the lateral naves are 
covered by masonry domes as well as the transept. The roofing of the 
apse consists of a barrel vault. 
The S. Giovanni a Mare (SGMR) church was built in the half of twelfth 
century and it is one of the most significant example of Roman 
architecture in Naples. The church has a rectangular plan with three 
naves. The overall width of the plan is 19.5m, its length is about 38.2 m 
and the maximum height is 13m. The walls are on average 0.8m thick. 
The roofing of the church consists of cross vaults on the naves,  wooden 
trusses on the transept and barrel vault on the apse.  
The San Paolo Maggiore (SPM) church  was built at the end of the VIII 
century on the remains of the temple of the Dioscuri, dating back to first 
century a.D. . The church shows a Latin cross-plan, with three naves and 
a large transept characterized by a polygonal apse. Its overall dimensions 
are equal to 66.6m (length) x 37.8m (width of the three naves). The 
maximum height of the church reaches 36.2m. The width of the transept 
is equal to 51.6 m. The masonry walls are from 1 to 2 m thick. The roof 
structures consist of steel trusses with the exception of the elliptical 
vaults, covering the lateral chapels and  the barrel vault covering the apse 
zone.  
The construction of S. Agostino alla Zecca (SAZ) church started in the 
second half of thirteenth century ant it was finished at the beginning of 
fifteenth century. The basilica plan, 43.8m large and 65.8m long, has 
three naves and an apse of 20.7x13.9m. The maximum height of the 
church is equal to 37m. The walls have a thickness in the variable 
between 1 and 2.3m. A large barrel vault cover the main nave, while 
cross vaults cover the lateral naves.   
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Figure 3.1 Plans of the case studies located in south of Italy 


