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2.2 Guidelines on local and global retrofitting systems of precast 
structures  

The exhibited vulnerability of the industrial buildings during the Emilia earthquakes 
(2012) makes the seismic safety of this building typology a key issue. Hence, in the 
last years several scientific projects have been developed in order to improve the 
knowledge on the seismic response of RC precast structures. The interest is also 
demonstrated by the redaction of two important documents for the emergency 
management after an earthquake event and related to the seismic vulnerability of the 
precast structural system. 
In this Section the “Guidelines on local and global retrofitting systems of precast 
structures” (Gruppo di Lavoro Agibilità Sismica dei Capannoni Industriali, 2012) are 
presented. This document was edited under the supervision of the Italian Department 
of Civil Protection and with the collaboration of other institutions, among which the 
ReLUIS consortium. 
The presented document arose from the request of experts and the specialists, who 
operated in the struck area in Emilia region. It gives the most advanced knowledge on 
structural seismic safety and indicates the operational process in order to obtain the 
seismic usability1, according to the actual Italian buildings codes (D. M. 14/01/2008, 
2008; Circolare 02/02/2009 n. 617, 2009) and to the specifically issued law (Legge 
01/08/2012 n. 122, 2012). The document gives also important recommendations on the 
retrofitting of the structures. In the following the summary of the document contents is 
reported in order to describe the general approach and the main indications. 

2.2.1 Contents and purposes of the document 

The two earthquakes in Emilia region on May 2012 hit an area with a high percentage 
of precast industrial buildings. Most of these structures were characterized by 
important structural deficiencies, as extensively described and justified in the previous 
section. As a consequence of above, the widespread damages make the emergency 
management difficult, because of the high number of structures to repair and the 
limited period of time available for the retrofitting actions. 
In order to manage such a difficulty, the decree (Decreto-Legge n. 74 del 6 giugno 
2012, 2012) and its law (Legge 01/08/2012 n. 122, 2012), give to the professional 
community a guide in the design of the actions. Concerning the investigated precast 
buildings, the law establishes some specific conditions, identifying these buildings as a 
peculiar structural typology. At this aim, the paragraph 8 of Article 3 of the law 
___________________________________ 
1 The seismic usability concept will be clearly defined in the following Section on the GL-AeDES: form 
for usability judgment of precast structures. 
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ii) if the spectral acceleration was lower than the 70% of the above described 
spectral acceleration, the seismic assessment (Chapter 8.3 of NTC 2008) is 
needed within 6 months from the decree (Decreto-Legge n. 74 del 6 
giugno 2012, 2012); 

iii) if the seismic safety level is lower than the 60% of the required level in a 
new building, the seismic retrofitting is needed (from 4 to 8 years from the 
seismic assessment). 

An application of these criteria is reported for the structures near to the epicenter of the 
first main shock on 20th May 2012, i.e. Mirandola (MO): Figure 2.49 shows the elastic 
spectrum on soil C for Mirandola (D. M. 14/01/2008, 2008). In this diagram the gray 
area represents the typical period range of precast one-story structures (Magliulo et al., 
2014b) and the two reported values are the limit spectral values for the considered 
range. Figure 2.50 shows the shaking map of the first event in Emilia region (INGV, 
2012) in terms of 1 second pseudo-acceleration (in g), in which the rows indicate the 
Mirandola location. According to these two data, many industrial buildings may satisfy 
the requirement i) of the decree. 
 

  
Figure 2.49 Elastic response spectrum of 

Mirandola (MO) – Soil type C 
Figure 2.50 1 second pseudo-acceleration 

(%g) - Mirandola (20th May 2012) 
 

2.2.4 Outline of the retrofitting systems 

This section describes the proposed retrofitting systems for both the phases, reporting 
the document approach for each damage or structural lack. For each kind of damage or 
lack the document describes: 

- the deficiencies and how they can be discovered during a survey; 
- the required performance; 
- the proposed retrofitting systems. 
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2.2.4.1 Actions to prevent the loss of support of the horizontal elements 

Deficiencies and inspection 
A Simple support with no mechanical devices. This evidence can be revealed by a 

visual survey, a check of the available drawings and a visual survey of the relative 
displacements between the beam and the column or between the roof element and 
the beam. 

B Inadequate shear strength of the connection with metallic systems, revealed by a 
visual inspection and/or a check of the available drawings. The demand can be 
simply evaluated as /ga S g N⋅ ⋅ , where N is the vertical load on the connection, ag 

is the peak ground acceleration and S is the soil coefficient. 

C Inadequate shear strength of the column forks, revealed by a visual inspection 
and/or the examination of the available drawings. The demand can be simply 
evaluated as /ga S g N⋅ ⋅ , where N is the vertical load, ag is the peak ground 

acceleration and S is the soil coefficient. 

D Inadequate shear strength of the precast beam, demonstrated by shear cracks 
and/or examination of the available drawings. The demand can be simplify 

evaluated as 1 2.5 gva Ng
 + ⋅ ⋅ 
 

, where N is the vertical load on the column, ag is 

the peak ground acceleration and S is the soil coefficient. 

E Inadequate shear strength of the cast in situ beam, demonstrated by shear cracks 
and/or by the examination of the available design drawings. The demand can be 

simply evaluated as 1 2.5 gva Ng
 + ⋅ ⋅ 
 

, where N is the vertical load on the column 

and ag is the peak ground acceleration. 

F Inadequate flexural strength of the beam, demonstrated by flexural cracks and/or 
by the examination of the available design. The demand can be simply evaluated 

as 1 2.5 2
gva LNg

 + ⋅ ⋅ ⋅ 
 

, where N is the vertical load on the column, L is the 

length of the beam, N is the vertical load on the beam and ag is the peak ground 
acceleration. 

G Inadequate shear strength of the cast in situ roof, revealed by a visual inspection 
of cracks. If the damage is present, the demand can be simply evaluated as 
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1 2.5 gva Ng
 + ⋅ ⋅ 
 

, where N is the vertical load on the connection and ag is the 

peak ground acceleration. 

Requirements of the connection system 
The retrofitting actions should guarantee the following requirements: 

• do not allow the loss of support of the horizontal element; 

• do not change the existing static scheme; 

• to prevent the torsional rotation of the elements; 

• to prevent or limit the relative displacements between the elements; 

• do not interfere with the elements reinforcement (high concrete cover). 

Retrofitting systems 
1 Increase of the beam base on the column. 

The loss of support collapse should be prevented by increasing the base of the 
beam, not modifying the initial resistant scheme. This action provides the 
difficult estimation of the relative horizontal displacement under seismic 
actions, with a particular attention to the vertical component of the earthquake. 
This system should be integrated by properly designed restraints. 

2 New mechanical devices between the two elements. 
New elements and devices (Figure 2.51) can be used in order to ensure the 
beam-to-column connection, as bolted metallic plates or connecting cables. 
Concerning the roof-to-beam connection, an example is the use of metallic 
devices between the TT elements and the beams (Figure 2.52). For these 
systems some crucial aspects are to be taken into account, as the possible 
interference with the existing reinforcement in the connected elements and the 
strength of the fork in which the beam is usually inserted. 

3 Reducing the load. 
It is possible to provide some actions in order to reduce the permanent loads on 
the roof. 

4 Dissipating system. 
It is also possible to use dissipative devices in order to reduce the forces and 
the damages due to the seismic action in the columns and in the beams. 
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5 Connection of the columns at the top. 
The relative displacements between two columns can be reduced through their 
connection with metallic profiles or metallic plates. This system does not 
prevent either the loss of the support of the horizontal elements due to the 
inertia force related to their masses or their overturning. For this reason, this 
system should be integrated with other devices between the elements. 

 
(a) 

 
(b) 

Figure 2.51 Retrofitting solution for beam-to-column connections 

 
Figure 2.52 Retrofitting solution for roof-to-beam connections 

2.2.4.2 Actions to prevent the collapse of the cladding panels 

Deficiencies and inspection 
A Inadequate strength of the connection to prevent the out of plane collapse of the 

panel, assessed by a visual inspection and/or examination of the available design 
drawings. 

B Inadequate shear strength of the connection with respect to the demand due to the 
panel-to-structure interaction in the plane of the panel, assessed by a close visual 
inspection and/or examination of the available design drawings. 
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C Inadequate flexural strength of the panel: in presence of damage it is possible to 
assess the geometry and the existing reinforcement.  

D Inadequate flexural strength of the masonry panels: if the damage is observed, a 
survey of the geometry (in particular, the ratio between height and width) and of 
the possible presence of reinforcing elements is required.  

E Not suitable arrangement of openings, revealed by a visual inspection of the actual 
shear length of the columns. 

Requirements of the connection system 
The retrofitting systems should guarantee the following requirements: 

• to avoid the overturning of the panels; 

• to allow the relative displacement between the panel and the structures in order 
to reduce or remove the interaction under seismic actions. 

Systems 
1 Systems to prevent the overturning failure. 

In the case of horizontal panels, their overturning can be prevented through the 
use of steel angles bolted to the panel and to the columns and cables, fixed in 
the elements edges. In the case of vertical panels, the overturning can be 
prevented through the use of metallic devices and cables fixed to the beam and 
to the two upper panel edges (Figure 2.53). 

2 Increase of the panel flexural strength. 
Use of external devices and integrative elements both in the case of concrete 
and masonry panels. 

3 Check of the openings arrangement. 
It can be possible to remove the openings that could cause the shear failure in 
the columns. 
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Figure 2.53 System to prevent the overturning of the cladding panels 

2.2.4.3 Actions on the foundation systems 

Deficiencies and inspection 
A Possible rotation of the socket foundation. If the damage is observed the ratio 

demand/capacity must be evaluated. 

B Insufficient flexural strength of the socket foundation. 

C Insufficient or absent foundation connections. 

Requirements of the connection system 
The retrofitting systems should guarantee the following requirements: 

• to increase the rotational stiffness in order to ensure the connection at the base of 
the columns; 

• to increase the strength to the lateral forces, according to a capacity design 
approach. 

Systems 
1 Connection of the foundation with the industrial floor (Figure 2.54). 

Since the industrial buildings often provide an industrial floor with a minimum 
thickness of 15-20 cm, the floor can be usefully connected the isolated socket 
foundation in order to limit the relative displacements at the base of the 
columns. 
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2 Strengthening of the surrounding soil at the foundation level. 
By the injection of cement mixtures at low pressure it is possible to increase 
the rotational stiffness and to improve the shear strength. 

3 Strengthening of the connection between the socket foundation. 

4 Strengthening of the walls of the socket foundation. 

5 Strengthening of the connections between the isolated systems. 

 
Figure 2.54 Connection between the industrial floor and the column 

 

2.2.4.4 Actions on the vertical structural elements 

Deficiencies and inspection 
A Insufficient flexural strength at the base, revealed by a visual inspection and/or an 

examination of the available design drawings. 

B Insufficient shear strength, due also to the arrangement of the openings and the 
infill panels. 
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dowel connection: after the achievement of the maximum strength, a very soft branch 
is recorded without any ductile reserve of the connection. 
According to (Vintzeleou and Tassios, 1986), given the direction of the applied load 
(Figure 3.12) and the geometrical features of the connection system, the failure 
mechanism should be predicted. Since the column concrete covers (Figure 3.13) are 
smaller than 6-7 times the dowel diameter, a concrete failure is expected due to the 
tensile stresses in the cover. Moreover, since the frontal cover is larger than the lateral 
one, the collapse should start at the lateral cover. The described prevision corresponds 
to the experimental evidence: the first crack forms at the lateral cover in the column 
(Figure 3.14a), corresponding to the peak strength of the force-displacement curve, i.e. 
to the failure mechanism of the connection. After this point, increasing the horizontal 
displacement, the cracks also propagate in the frontal concrete cover (Figure 3.14b). 
The collapse mechanism of the connection is also confirmed by the records of the 
installed instrumentations (Figure 3.15): when the force achieves the maximum value 
(t=560 sec) a sudden increase of strains is recorded by the strain gauge on the lateral 
cover of the column (SV2 in Figure 3.16) and by the strain gauge on the upper stirrup 
in the column normal to the crack (13 in Figure 3.16). 
 

 
Figure 3.11 Force-displacement curve of the monotonic test (dashed blue line) and 

“elaborated” curve (solid red line) 
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Figure 3.12 Loading conditions Figure 3.13 Frontal cover and 

lateral cover 

 

 
 

 

Figure 3.14 Phases of connection collapse: (a) first crack during the test and (b) final step of the 
test 
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Figure 3.15 Instrumentations records. From the 
top: force of the actuator, deformations of the 

concrete and deformations of the upper stirrup in 
the column 

 

 
Figure 3.16 Geometrical layout of the 

column instrumentations 
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At higher values of horizontal displacement, the lateral crack width increases and two 
other inclined cracks form at the column frontal surface (Figure 3.27) up to the 
complete concrete expulsion (Figure 3.28). An inclined crack appears also on the beam 
frontal surface (Figure 3.29), that increases at the end of the experiment (Figure 3.30). 
The cyclic test continues and other cracks open in the column: they are parallel to the 
first crack and provide the expulsion of other concrete portions from the column 
(Figure 3.31(a)-(b)). The concrete expulsion allows to check of the dowel deformation 
at the end of the test. In Figure 3.32 the right dowel is shown: the width of the formed 
plastic hinge is measured equal to 80 mm from the bottom surface of the beam. The 
propagation of the plastic zone in the dowels are also demonstrated by the strain 
gauges on these steel elements (B in Figure 3.18(b)), located at 10cm from the top 
column surface. The plastic hinge propagates up to the instrument depth since the 
strains in the steel dowels in the column (blue curve in Figure 3.33) reaches the 
yielding value (εy,dow). In Figure 3.33 the records of the strain gauge on the dowel in 
the beam are reported with the red curve, demonstrating the development of the plastic 
hinge also in the horizontal element. 
 

  
Figure 3.27 Crack opening in the column 

frontal cover 
Figure 3.28 Splitting of the cover at the end of 

the test 

 

  
Figure 3.29 Crack opening in the beam frontal 

cover  
Figure 3.30 Crack in the beam at the end of 

the test 
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(a)  (b) 

Figure 3.31 Final state of the specimen at the end of the cyclic test: (a) frontal view and (b) 
bottom view 

 

  

Figure 3.32 Plastic hinge in the steel dowel in 
the column 

 

Figure 3.33 Records of strain gauges on the 
steel dowels in the beam (red curve) and in the 

column (blue curve) along with the yielding 
steel strain of the dowel (black line) 
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Figure 3.35 Force- displacement curve (blue curve) and frictional resistance (gray line) up to 

6th step: the red point indicates the first crack development in the later concrete cover 

 
If the maximum recorded displacements at each step are reported with the 
corresponding experimental force, the envelope of the cyclic behavior is obtained: 
Figure 3.36 shows the three envelopes, corresponding to the three cycles of each step 
up to the 6th step. When the horizontal load acts against the column concrete core, at 
the last step the first cycle force is equal to 193.8kN at an horizontal displacement of 
1.94mm; this force decreases to 182.1kN and to 180.8kN at the second and third cycle, 
respectively. This trend is observed during the whole cycle, i.e. the maximum shear 
strength in the first cycle is always greater than the values achieved in the following 
cycles at the same displacement. Moreover, the difference between these values 
increases with the horizontal displacements. When the horizontal load acts against the 
column concrete cover, the maximum shear strength is reached at second cycle of the 
fourth step and it is equal to 176.57kN.  
Figure 3.37 shows the dissipated energy during the cyclic test, evaluated as the area 
under the force-displacement curve. For each cycle of each step, white bars represent 
the dissipated energy when the load is applied against the column core (positive semi-
cycle); gray bars represent the dissipated energy when the load is applied against the 
column cover (negative semi-cycle). Black bars represent the dissipated energy at the 
end of a complete cycle, evaluated as the sum of the positive and negative semi-cycle 
energies. The positive dissipated energy is quite similar to negative one up to the third 
step, confirmed by a symmetric response of the connection, shown in Figure 3.36. 
Dissipated energy of a whole cycle at each step is always greater for the first cycle due 
to degrading occurrence also in each step. 
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Figure 3.36 Force-displacement curve (gray 

curve) and envelope at each step (circle 
marker) for 1st cycle (red line), 2nd cycle 

(blue line) and 3rd cycle (green line) 

Figure 3.37 Dissipated energy during the 
cyclic shear test, for each positive and negative 

semi-cycle up to 6th step 

 

3.1.2.5 Comparison between the monotonic and the cyclic shear test 

As anticipated, the described test belongs to an experimental campaign that provides 
also a monotonic test on a beam-to-column connection (Figure 3.38), with the same 
geometrical features. The experimental evidence shows a first crack at the lateral cover 
in the column, that propagates in the frontal concrete cover (Figure 3.39), as in the 
cyclic test. The results of this test are reported in Figure 3.40 (red curve) in terms of 
actuator horizontal force and LVDT displacement. The curve is reported up to the 
ultimate displacement, assumed for the cyclic test. In this curve the peak strength of the 
force-displacement curve corresponds to the first crack formation in the lateral column 
cover; after this point a high strength degradation is recorded, demonstrating the brittle 
nature of the failure mechanism. 
The monotonic force-displacement curve are compared with the negative semi-cycles 
of the cyclic test and the following conclusions can be drawn: 

• the elastic stiffness of two specimens is equal; 

• the values of the maximum connection strength are very close; 

• the strength degradation that follows the failure mechanism is recorded in both 
the experimental tests. 

The last two considerations demonstrate that there is not degradation when cyclic loads 
are applied. Such a conclusion disagrees with some literature evidences; e.g. 
experimental results reported in Zoubek et al. (2013) and in Vintzeleou and Tassios 
(1987). In these works the strength of the connection highly decreases when cyclic 
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the plastic hinge. In order to justify the results, the failure mechanisms are investigated. 
In the literature works the failure mechanism is related to the flexural yielding of the 
dowel and to the crushing of the surrounding concrete, both in the monotonic and in 
the cyclic experiments. In the presented tests the failure mechanisms always involve 
the cover concrete. So it can be stated that the brittle nature of the phenomenon can 
justify the same value of maximum strength in the monotonic and cyclic test. 
Concerning the post-peak behavior, after the maximum strength and failure mechanism 
achievement, the behavior of the two tests is still similar. This results still disagrees 
with the literature reference reported above. After the first crack formation the dowels 
start bearing the load as demonstrated by the strain gauge records on the dowels (B and 
B1) and in this condition the dowel action should be highly influenced by the load 
type, as numerically and empirically demonstrated by Vintzeleou and Tassios (1987). 
However, the experimental evidence can be justified because the yielding strains are 
achieved in the dowel only at 6.99mm of displacement, that is higher than the assumed 
ultimate value. 
 

  
Figure 3.38. Experimental setup of a 

monotonic shear test on a beam-to-column 
dowel connection 

Figure 3.39 Final step of the monotonic test: 
splitting of the concrete 
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Figure 3.40 Comparison between force-displacement curves of the monotonic test (red solid 

line) and of the cyclic test (blue solid line) 

 

3.1.2.6 Comparison with literature formulas 

In this Section the experimental results of the cyclic tests are compared with some 
literature formulas, proposed to evaluate the cyclic shear strength of the dowel 
connections. The considered relationships are listed and presented below. 

• The CNR 10025/98 (2000) formula evaluates the strength of a dowel beam-to-
column connection according to equation (3.1). This formula is valid if the 
eccentricity of shear force is less than the halved diameter (db) of the dowel. 
Since the eccentricity is defined as the half of the thickness of the support 
between the beam and the column, in the analyzed case it is equal to the halved 
neoprene pad thickness (10mm) and then the equation (3.1) can be used for the 
comparison. 

 
2

,Rd CNR b yd cdV c d f f= ⋅ ⋅ ⋅        (3.1) 

 
In (3.1): c is equal to 1.2 if the confining pressure is neglected and equal to 1.6 
if confining pressure is considered; fcd is the design compressive strength of 
concrete and fyd is the design yielding strength of dowel. CNR relationship 
does not consider the influence of concrete cover depth on the connection shear 
strength and the case of cyclic loads. 
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• According to Vintzeleou and Tassios (1986), when concrete covers are greater 
than 6-7 times the dowel diameter, Failure I (simultaneous dowel yielding and 
concrete crushing) occurs and the dowel shear strength can be evaluated with 
(3.2), if eccentricity is equal to zero. 

 
2 2

, & 1.3I
Rd V T b ys cc b ys ccV k d f f d f f= ⋅ ⋅ ⋅ = ⋅ ⋅ ⋅      (3.2) 

 
As anticipated, in (Vintzeleou and Tassios, 1987) the design dowel force under 
cyclic loads in case of Failure I can be obtained by multiplying the design 
strength values by 0.5: 

 
.

, & , &0.5I C I
Rd V T Rd V TV V= ⋅        (3.3) 

 
• If the concrete cover is lower than 6-7 times the dowel diameter, the strength 

of the connection is related to concrete failure rather than to dowel crisis 
(concrete splitting). Depending on the ratio between concrete cover depth of 
the frontal cover and of the lateral cover, a side splitting or a bottom splitting 
could occur. 
If the lateral cover is smaller than the frontal one, a side splitting occurs and 
dowel shear strength can be calculated with (3.4). 
 

,
, & 2II L

Rd V T b ct ctV d b f= ⋅ ⋅ ⋅       (3.4) 
In (3.4) bct is the net width of the concrete section, fct is the concrete tensile 
strength and db is the dowel diameter. 
When the frontal cover is small enough in comparison with the width of the 
column, the bottom splitting failure occurs and the force strength is equal to: 
 

,
, & 5

0.66
II B

Rd V T ct b
b

cV f c d
c d

= ⋅ ⋅ ⋅ ⋅
⋅ +

     (3.5) 

In (3.5) c is the value of the frontal cover. The case of cyclic loads are not 
contemplate in both the equations (3.4) and (3.5). 

 
In Table 3.4 the comparison of these literature formulas and the experimental results of 
the cyclic test are reported. All the strengths are evaluated with the mean value of the 
material strengths and with the resistant diameter of the dowel. The CNR formulas 
(VRd,CNR) give values very close to the experimental strength even if this code considers 
a different failure mechanism with respect to the experienced collapse. The same 
conclusion can be drawn in the case of the Vintzeleou and Tassios formula under 
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monotonic load for the case of Failure I (VI
Rd,V&T). Obviously, in this case the 

reduction factor of 0.5 in the VI,C
Rd,V&T formula gives a too low value of the strength. If 

the failure mechanism is considered the comparison with experimental results should 
be performed with the lateral concrete splitting (VII

Rd,V&T) formula, that gives smaller 
value than the experimental strength.  
 

Table 3.4 Comparison between the cyclic experimental strength of the dowel connection 
(VRd,cyclic) and the literature formulas 

VRd,cyclic VRd,CNR(c=1.2) VRd,CNR(c=1.6) VI
Rd,V&T VI,C

Rd,V&T VII
Rd,V&T VII,B

Rd,V&T 
[kN] [kN] [kN] [kN] [kN] [kN] [kN] 

176.6 129.5 172.7 140.3 70.2 82.5 58.0 
 

3.1.3 Conclusions 

An extensive experimental campaign is performed in order to investigate the seismic 
behavior of dowel beam-to-column connections in precast structures. The presented 
section describes the results of a monotonic and a cyclic test on a dowel connection 
between an external column and a roof beam. The setup is designed according to the 
actual European and Italian building codes and it is loaded with a vertical load and 
with a displacement history up to the failure. During the two tests the horizontal load 
mainly caused damage on the column, while no relevant cracks affect the beam until 
the end of test. The damage pattern and the instrumentation records show that the first 
damage in the connection is the crack development in the column concrete lateral 
cover.  
In both the tests, according to the force-displacement curve of the test, the lateral cover 
splitting occurs when the maximum strength of the connection is achieved. It can be 
assumed that for this loading condition the behavior has a brittle nature, showing an 
high degradation of stiffness and strength after the maximum strength. Concerning the 
cyclic test, when the horizontal load acts against the column concrete core, the force-
displacement curve presents higher strength values until the end of the test, since the 
connection behavior is related to the steel dowels yielding. 
The dissipated energy of the connection is evaluated as the area under the force-
displacement curve and the recorded values are very low, demonstrating that this 
connection cannot influence the dissipative properties of the whole structure under 
dynamic actions. 
The cyclic force-displacement curve, recorded when the load is applied against the 
column cover, is compared with the results of the monotonic shear test. By the 
comparison it is found that the strength of the two tested specimens are very close. 
Moreover, the brittle nature of the failure mechanism is confirmed in both the tests by 
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the highly degrading behavior after the peak strength in the force-displacement curves. 
In the final part of the work the experimental results of the cyclic tests are compared 
with some literature formulas, proposed for evaluating the shear strength of dowel 
connections. The comparison highlights that the best relationship is the CNR formula 
even if this code considers a different failure mechanism. If the failure mechanism 
(lateral concrete splitting) is considered and the corresponding literature formula is 
used (Failure II-side splitting), the predicted strenth highly underestimates the response 
of the connection. 
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3.2 Numerical modeling of the tested dowel connection 

This section presents this non-linear three-dimensional model of a beam-to-column 
dowel connection, calibrated on the results of an experimental monotonic test. The 
characteristics of the tested connection and of the FEM model are described in order to 
demonstrate the capability of the model in describing the behavior of a large range of 
precast structures connections. Some parametric studies are also performed, varying 
some geometrical characteristics of the dowel connection, in order to establish their 
influence on the behavior of the system as well as to evaluate the reliability of the most 
common formulae, available in technical literature and used to predict the dowel 
connections strength. 
The model (Figure 3.41) consists of four main parts: the concrete elements (beam and 
column), the steel elements (reinforcement and dowels), the contact surface (neoprene 
pad) and the interactions between materials. In the following, the model, in terms of 
elements and materials, is described in detail. 
 

 
Figure 3.41 FEM model of the dowel connection by ABAQUS (Corp., 2010) 

3.2.1 Concrete elements 

Numerical model 
The concrete elements (beam and column) are modeled as three-dimensional 
deformable elements, adopting the C3D8R element of the ABAQUS three-dimensional 
solid element library. This element is an hexahedral and linear element recommended 
for analysis characterized by contact problems and affected by large deformations. As 
reported in the name of the element, it is a 3D continuum element (C), with 8 nodes 
linear brick (8) and reduced integration (R). 
For the column and the beam a smeared crack concrete model is assumed. This model 
is included in the ABAQUS/Standard library for reinforced concrete structures. It is 
suitable to reproduce cracking in tension and crushing in compression under monotonic 
deformation and low confining pressures (i.e. less than four or five times the maximum 
value of uniaxial compressive strength). Two reinforced concrete crack models are 
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introduced in the late 1960s: the discrete crack model (Ngo and Scordelis, 1967) and 
the smeared crack one (Rashid, 1968). The smeared crack concrete model is based on 
the idea that in the concrete, due to its heterogeneity and due to the presence of 
reinforcement, many small cracks develop and only in a later stage of the loading 
process they link up to form one or more dominant cracks. In (Borst et al., 2004) it is 
demonstrated that this model can simulate the diffuse cracking patterns that arise due to 
the heterogeneity of the concrete and the presence of reinforcement. The presence of 
cracks is taken into account thanks to constitutive laws that influence stress and 
stiffness of the material in each point of integration. 
The described model needs the definition of the elastic and inelastic behavior under 
compression and tension stresses and of the breaking surface shape. In the following 
these input parameters are described in detail, in order to allow reproducing the model. 
For uniaxial compressive loads, the smeared crack concrete initially shows an elastic 
behavior, after that inelastic deformations occur and the stiffness starts to decrease 
(Figure 3.42). The stress-strain curve of the concrete can be evaluated according to 
several models. 
When tension stresses occur, the behavior of the concrete is modeled linear elastic until 
the cracking point, where the cracks form: the stress at this point is assumed equal to 
the medium value of the concrete tensile strength (see Section 3.1.2), while the strain is 
assumed equal to 0.0093% (Figure 3.42). 
The post-cracking behavior is defined by the “tension stiffening” model. This model 
depends on the density of reinforcement, on the quality of the bond between the rebar 
and the concrete, on the relative size of the concrete aggregate compared to the rebar 
diameter, and on the mesh refinement. A reasonable choice for relatively heavily 
reinforced concrete, modeled with a fairly detailed mesh, is to assume a linear 
softening post-peak behavior, according to the model of Vecchio (2000). The “strain” 
option of ABAQUS is used in order to assign this kind of behavior. It specifies two 
points of the post-cracking curve: the cracking failure point and the cracking ultimate 
point.  

 
Figure 3.42 Mechanical behavior of the smeared crack concrete model for uniaxial 

compressive load (Systèmes, 2008) 
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(peak stress)
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In order to completely define the smeared crack concrete model, the failure ratios 
should be fixed so that the cracking surface is described. The failure surface is defined 
by four "failure ratios": 

- the ratio between the ultimate compressive stress for biaxial tensional state and 
the ultimate compressive stress for uniaxial tensional state; this ratio is 
assumed equal to 1.16, which is the ABAQUS default value (Systèmes, 2008); 

- the absolute value of the ratio between the failure tensile stress and the 
ultimate compressive uniaxial stress, evaluated according to the mechanical 
characteristics of the concrete (see Section 3.1.2); 

- the ratio between one of a principal components of plastic deformation for 
ultimate compressive stress under biaxial state of tension and the plastic 
deformation for ultimate compressive stress under uniaxial state of tension; 
this ratio is assumed equal to 1.28, which is the ABAQUS default value 
(Systèmes, 2008); 

- the ratio between main cracking stress for biaxial state of tension, when the 
other main tension reaches its maximum value in compression, and the 
cracking uniaxial tension; this ratio is assumed equal to 1/3, which is the 
ABAQUS default value (Systèmes, 2008). 

 
Concrete material 
Three different smeared crack concrete models have to be defined for the concrete 
elements (beam and column): i) confined concrete for the column; ii) confined concrete 
for the beam and iii) unconfined concrete for both column and beam. The confined 
behavior is differently defined for the beam and the column since the longitudinal and 
transversal reinforcements are differently distributed in these two elements. 
In order to define the mechanical characteristics of the concrete material, uniaxial 
compression tests were performed on ten cubic specimens taken from the beam and 
column cast. Computed the mean cubic compressive strength (Rcm=49.91N/mm2), the 
other properties of the unconfined concrete are evaluated according to the Eurocode 2 
(CEN, 2004) and reported in Table 3.5 in terms of: characteristic cylinder compressive 
strength of the concrete at 28 days (fck), mean value of the concrete cylinder 
compressive strength (fcm), mean value of axial tensile strength of the concrete (fctm), 
compressive strain in the concrete at the peak stress (εc0) and ultimate compressive 
strain in the concrete (εcu). The stress-strain law of Popovics (1973) is adopted for the 
unconfined concrete (red curve in Figure 3.43). 
Table 3.6 shows the mechanical properties of the confined concrete for the beam and 
the column in terms of: confined concrete secant modulus at the peak stress, Esec, 
confined concrete compressive strength (peak stress), f’cc, and ultimate concrete 
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compressive strain, εccu. The constitutive law of Mander et al. (1988) is adopted for the 
beam and column confined concrete (green and blue curve, respectively, in Figure 
3.43). 

Table 3.5 Unconfined concrete mechanical properties 

Rck fck fcm fctm Ecm εc0 εcu 
[N/mm2] [N/mm2] [N/mm2] [N/mm2] [N/mm2] [-] [-] 
49.91 33.62 41.62 3.12 33744 0.002 0.0035 

 

Table 3.6 Confined concrete mechanical properties 
Column Beam 

Esec f'cc εccu Esec f'cc εccu 
[N/mm2] [N/mm2] [-] [N/mm2] [N/mm2] [-] 
13159 48.69 0.0207 12282 50.35 0.0128 

 

 
Figure 3.43 Concrete stress-strain relationships 

3.2.2 Steel elements 

Numerical model 
The specimen contains two groups of steel elements: the reinforcement steel and the 
steel dowels. By the software ABAQUS (Corp., 2010), steel elements can be modeled 
through a discrete or a continue technique. In the former case, truss or beam elements 
are created and a perfect correspondence of deformations with the concrete is assumed. 
In the latter case, a distribution of thin layers with an equivalent thickness is included 
in the model and the reinforcement is linked to the concrete in order to describe the 
mutual interaction between the two materials. 
In the model of tested beam and column, truss elements are adopted in order to 
introduce longitudinal and transversal reinforcement, considered embedded in the 
concrete. The beam web rebars (2φ12) are not introduced in the model, since they 
negligibly influence the structural element strength. 
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On the contrary, the steel dowels are modeled as three-dimensional elements and 
interface elements are defined in order to take into account the bond slip phenomena. 
 
Steel material 
For both the reinforcement rebars and the dowels, experimental tensile tests were 
performed. Concerning the reinforcement, for each diameter used in the setup a tensile 
test was performed on three specimens. One tensile test is also performed on a steel 
M27 bar, i.e. a dowel with the same geometrical and mechanical characteristics of the 
tested dowels. Figure 3.44 shows the experimental curve (blue curve) and the effective 
curve for dowel (red solid curve). The effective values are the stresses and strains 
obtained taking into account the reduction of section area and the local elongation of 
steel specimen during the tests. Figure 3.45 shows the experimental curves for the 
reinforcement bar with the cross section diameter equal to 8mm: for the other 
diameters, experimental tests confirm the same mechanical properties. 
 

 
Figure 3.44 Stress-strain relationships for 

steel dowel: experimental curve (blue curve) 
and effective curve (red curve) 

 
Figure 3.45 Experimental stress-strain 

relationships for steel reinforcement (φ=8mm) 

3.2.3 Interaction 

The definition of the interaction and of the contact surface between elements is a key 
step in the implementation of the finite element model, influencing the final results and 
the convergence of the nonlinear analyses. Three contact surfaces are defined in the 
investigated dowel connection: the neoprene-concrete contact surface, the interaction 
between steel dowels and concrete/grout, and between steel reinforcement and 
concrete. This last interaction is modeled considering the perfect adhesion between 
concrete and reinforcement rebar. 
The interaction between dowel and concrete/grout is modeled by an interface element 
of the ABAQUS software, called “cohesive element”. This element is used to model a 
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negligible (geometrically) thin layer of bond using a traction-separation- and its 
behavior is defined in terms of a “traction-separation” law, i.e. that is able to catch both 
the start of the delamination and its propagation. It is able to catch both the start of the 
delamination and its propagation, even in conditions of mixed modes. The adopted 
model is showed in Figure 3.46 and it derives from a simplification of the model 
proposed in Eligehausen et al. (1986). In this study the authors used experimental 
results in order to deduce an analytical model for the local bond stress-slip relationship 
of deformed bars valid for confined concrete under generalized excitations (Figure 
3.47). The simplified model consists of two branches: a linear increasing branch and a 
softening branch, that starts at the damage beginning. The characteristic points of the 
model are obtained according to the following rules: i) the maximum stress (τ0) and the 
corresponding slip displacement (s0) are assumed equal to the coordinates of the C 
point of the Eligehausen model (τmax, s1) (Eligehausen et al., 1986); ii) the softening 
branch (i.e. the sc value) is defined imposing that the fracture area (Gc, filled area in 
Figure 3.46) is equal to the values obtained from the integration of the Eligehausen 
formula from zero to the s3 displacment, i.e. the residual strength (τr) is neglected. 
As described in the Section 2.1, a neoprene pad is interposed between the beam and the 
column. The deriving concrete-to-neoprene interaction offers a frictional strength that 
is a not negligible contribution to the total connection strength. In the described finite 
element model the interaction between beam and neoprene and between column and 
neoprene (generally, concrete and neoprene) is introduced, by the ABAQUS model 
called “static-kinetic exponential decay”, as a purely frictional interaction, which is 
able to develop only tangential stresses. The neoprene-concrete friction coefficient is 
calculated according to the formulas reported in Magliulo et al. (2011), where this 
coefficient is related to the compressive stress acting on the contact surface: the 
obtained value is equal to 0.122. 
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Figure 3.46 Adopted analytical model for 

cohesive interface elements 
 

 
Figure 3.47 Bond-stress versus slip 

relationship for the deformed bar – confined 
concrete contact behavior according to the 

Eligehausen model (Eligehausen et al., 1986) 

 

3.2.4 Loads 

Two loads are imposed to the model: the vertical load and the seismic load. The 
vertical load corresponds to the constant vertical pressure imposed during the 
monotonic test, distributed on a portion of the beam (60cm x 50cm). In order to apply 
the horizontal forces, the increasing horizontal displacement history provided during 
the test is applied to the beam. The versus of the displacement is assumed equal to the 
experimental one, so that the load is applied against the column cover. 

3.2.5 Comparison between numerical analysis and experimental test 

The results of the numerical analyses are compared with those obtained from the 
experimental shear test. Figure 3.48 shows the force-displacement experimental curve 
(red line) along with the corresponding curve obtained from the FEM analysis (blue 
solid line). The use of the confined concrete does not significantly change the analysis 
results; hence, in order to reduce the numerical effort, the unconfined concrete material 
is used for the whole cross-section of beam and column. The experimental curve is the 
“elaborated curve” shown in Figure 3.11 (red line), but it is reported until the strength 
degradation is equal to 20%, since smaller values of forces are not significant in 
defining the connection behavior. The force shown by the numerical curve is the total 
shear in the column and the displacement is the relative displacement between the 
beam and the column. The comparison shows a good fitting in terms of maximum 
strength and initial stiffness: the maximum shear strength obtained by the numerical 
model is equal to 160.92kN, while the actual value obtained by the shear test is equal 
to 161.9kN, with a difference equal to 0.52%. 
The reliability of the numerical model is also verified in terms of failure mode. The 
side splitting of the concrete, i.e. the failure of the lateral cover, is recorded in the 
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model, as evidenced in the experimental test. Figure 3.49 shows the stress distribution 
in the column at the failure step, evidencing that the concrete tensile strength (red 
color) is reached in the fibers of the lateral cover. 
The post-peak behavior is not recorded during the analysis because of convergence 
problems. This problem does not influence the validation of the model, since the 
connection has a brittle behavior and the last step of the numerical analysis 
corresponds to the attainment of the failure mechanism in the concrete. As a 
consequence of above, the model can be considered suitable, since it is able to catch 
the two main parameters of the actual behavior: the initial stiffness and the maximum 
strength of the dowel connection. 
 

 
Figure 3.48 Comparison numerical 

analysis (blue line) vs experimental test 
(red line) in terms of force-displacement 

curve 

 
Figure 3.49 Column stress distribution at the 

failure step resulting from the numerical model  

 
At the failure step, the local demand of the concrete, of the dowels and of the stirrups is 
also evaluated. According to several experimental tests (Zoubek et al., 2013), the 
plastic hinges in the dowels form at small depths in the column and in the beam (3-
4cm). The deformation at the internal face of the dowel is reported along the beam and 
column depth in Figure 3.50; the tensile deformation is assumed positive and the 
compressive deformation is assumed negative. The higher deformations are recorded at 
a depth of 3 cm in the column and in the beam; this value of depth corresponds to the 
experimental evidence, i.e. to the depth at which the dowel appears deformed during 
the inspection of the specimen after the monotonic test (Figure 3.51). A good marching 
is also found in terms of concrete strains: at the failure step, corresponding to the 
maximum strength of the connection, the strains recorded by the installed 
instrumentation are very close to the values estimated by the proposed numerical 
model (Table 3.7 and Table 3.8). 
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Figure 3.50 Deformation of the dowel at the failure step versus the beam and column depth 

  
(a) (b) 

Figure 3.51 Steel dowel and (b) measurement of the plastic hinge depth in the steel dowel after 
the monotonic test  

Table 3.7 Comparison between numerical and 
experimental strains of the column frontal and 
lateral cover (Figure 3.52) 

SV1 SV2 
εc,num εc,exp εc,num εc,exp 

0.0033% 0.0038% 0.0099% 0.0082% 
 

Table 3.8 Comparison between numerical and 
experimental strains of the column top surface 
(Figure 3.52) 

 S1 S2 S3 S4 
εc,num -0.016% 0.003% 0.012% 0.073% 
εc,exp -0.011% 0.0008% 0.010% 0.097% 

 

 

 
Figure 3.52 Layout of the strain gauges on 

the column top surface 
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3.2.6 Shear strength of the dowel connection 

An extensive parametric study is carried out in order to investigate the main parameters 
which influence the shear strength of the dowel connection. The results of this 
investigation are used to compare the numerical results of the FEM model with the 
formulae of the technical literature in terms of connection strength and failure modes. 

3.2.6.1 Parametric study 

The case studies are defined considering three variables: the dowel diameter, the size 
of the frontal concrete cover and the size of the lateral concrete cover. The connection 
layout as well as the mechanical properties of the materials (concrete, reinforcement 
steel and dowels steel) are assumed equal to the properties of the tested specimen. All 
the connections are implemented by the ABAQUS software, according to the proposed 
numerical model, and horizontal loads are applied both against the column concrete 
core and against the column concrete cover. 
The results are presented in terms of strength at the failure mechanism of the 
connection, that corresponds in all the cases to the last step of the nonlinear analyses. 
At this step the stress values of the materials are equal or very close to their limit 
values, as shown in the following. 

3.2.7 Evaluation of the dowel connection shear strength 

In this Section the reference formulae, which provide the shear strength of the dowel 
connection, are reported. They are compared with the results of the numerical analyses, 
taking into account the achieved failure mechanism. In all the considered relationships 
the mean values of the materials strength are used. 
The CNR 10025/98 (2000) provides a formula to evaluate the shear strength of the 
dowel connection. According to this code, if the eccentricity of the shear force (Figure 
3.53) is less than half of the dowel diameter (db), the connection shear strength is equal 
to: 

2
Rd b yd cdV c d f f= ⋅ ⋅ ⋅         (3.6) 

 
where c is equal to 1.2, db is the dowel diameter, fcd is the concrete design compressive 
strength and fyd is the dowel design yielding strength. The CNR formulation does not 
consider the influence of the concrete cover on the connection shear strength, because 
it supposes that the connection failure always occurs for simultaneous dowel yielding 
and concrete crushing. 
In the analyzed case the shear force eccentricity is less than half of the dowel diameter, 
because it is equal to half of the neoprene pad thickness. 
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(b) 

Figure 3.53 Eccentricity of the shear force 

According to Vintzeleou and Tassios (1986) there are two possible failure modes of the 
dowel connection: the simultaneous dowel yielding and concrete crushing (failure 
mode I), and the concrete splitting (failure mode II). As already discussed in Section 
2.2, the two mechanisms depend on the size of the concrete cover in the direction of 
the load (frontal cover) and in the orthogonal direction (lateral cover) with respect to 
the dowel diameter. When the concrete covers are greater than 6-7 times the dowel 
diameter, the failure mode I occurs [8] and, if the shear force eccentricity is negligible, 
the connection shear strength is equal to: 
 

2 21.3Rd b ys cc b ys ccV k d f f d f f= ⋅ ⋅ ⋅ = ⋅ ⋅ ⋅      (3.7) 

where fys is the yield stress of the steel and fcc is the concrete compressive strength. 
If the concrete cover is lower than 6-7 times the dowel diameter, the strength of the 
connection is related to the concrete failure rather than to the dowel crisis (failure mode 
II). Depending on the ratio between the concrete cover in the load direction (frontal 
cover cF) and in the orthogonal direction (lateral cover cL), a bottom splitting (i.e. the 
failure of the frontal cover) or a side splitting occurs. For low values of cL/cF, a side 
splitting occurs and the connection shear strength is equal to: 
 

2Rd b ct ctV d b f= ⋅ ⋅ ⋅         (3.8) 
 

where bct is the net width of the concrete section, evaluated as the section width 
(normal to the load) minus the diameter of the dowels and fct is the concrete tensile 
strength. 
If the strength of the connection is related to the concrete failure rather than to the 
dowel crisis (the concrete cover is lower than 6-7 times the dowel diameter), for low 
values of cF/cL a bottom splitting occurs and the connection shear strength is equal to: 

5.0
0.66Rd b ct

b

cV d c f
c d

= ⋅ ⋅ ⋅ ⋅
⋅ +

      (3.9) 
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where c is the frontal concrete cover. 

3.2.7.1 Influence of the dowel diameter 

The first set of case studies investigates the influence on the connection shear strength 
of the dowel diameter, ranging from 14mm to 24mm. In these case studies constant 
values of lateral (cL=100mm) and frontal cover (cF=130mm) are assumed. The dowels 
are threaded steel bars, therefore the resistant diameters, rather than the nominal ones, 
are used for the strength evaluation. 
The six diameter values correspond to six numerical models, implemented in the 
ABAQUS software. For each model, the connection strength corresponding to the 
failure mechanism is evaluated. 
If the force is applied against the concrete core, the failure mechanism involves the 
lateral concrete cover (failure mode II – side splitting) or the steel dowel and the 
surrounding compressed concrete (failure mode I). In order to show the failure mode of 
each connection, the damage percentage at the failure step related to each possible 
mechanism is showed in Table 3.9. The black arrow indicates the percentage of stress 
with respect to its limit value. For the failure mode II (side), the black arrow indicates 
the percentage of the concrete tensile stress with respect to the concrete tensile 
strength; while for the failure mode I, the black arrow indicates the mean of the 
percentages of the dowels stresses and of the concrete compressive stress with respect 
to the corresponding limit values (steel yielding and concrete crushing, respectively). 
For the failure mode II (bottom splitting), the frontal cover exhibits tensile stresses for 
small diameters and compressive stresses for higher diameters. In Table 3.9 the black 
arrow shows the percentage of the concrete tensile or compressive stress with respect 
to the corresponding strength. Failure mode I only occurs for the connection with the 
smallest diameter (M14). In all the other cases, the failure occurs because of the 
concrete splitting, according to the rule for which the concrete failure occurs if the 
cover is smaller than 6-7 times the dowel diameter. As the diameter increases, the 
stresses in the dowels and in the surrounding concrete decrease until the 45% of their 
limit values. The force-displacement numerical curves of the six analyzed cases are 
reported in Figure 3.54. The first evidence is the increasing of strength and stiffness 
with the dowel diameter. The major failure displacements are recorded when the 
connection failure is also characterized by high stresses in the dowels (for the three 
smallest diameters), while in the other cases the failure displacements are lower and 
remain almost constant (the decrement with respect to the maximum displacement is 
around the 30%). 
If the force is applied against the concrete cover, the frontal cover always exhibits 
tensile stresses. In Table 3.10 the percentages of damage are reported for all the three 
mechanisms. The black arrow in the column of the failure mode II due to the bottom 
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splitting indicates the percentage of the tensile stress in the column frontal cover with 
respect to the tensile strength of the concrete. Since in all the analyzed cases the ratio 
between the lateral and the frontal cover is constant and lower than one, the connection 
failure is caused by the lateral cover splitting. For this loading condition, even though 
the trend of the force-displacement curves is more regular, the strength on average 
decreases of the 15% with respect to the case of load applied against the concrete core.  

Table 3.9 Damage percentage at the connection failure for each collapse mechanism, when the 
force is applied against the concrete core 

db [mm] Failure mode II (side) Failure mode II (bottom) Failure mode I 

14 
   

16 
   

18 
   

20 
   

22 
   

24 
    

 

 
Figure 3.54 Shear force against the concrete core: force-displacement curves varying the 

dowels diameter 
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Table 3.10 Damage percentage at the connection failure for each collapse mechanism, when the 
force is applied against the concrete cover 

db 
[mm] Failure mode II (side) Failure mode II 

(bottom) Failure mode I 

14 
   

16 
   

18 
   

20 
   

22 
   

24 
    

 

 
Figure 3.55 Shear force against the concrete cover: force-displacement curves varying the 

dowels diameter 

The strength of each case study is compared (Figure 3.56) with the above presented 
literature formulae (see Section 5.2). The considered formulae are the CNR one 
(equation (3.6), black line) and the Vintzeleou and Tassios relationships (equations 
(3.6), (3.7), (3.8) and (3.9), green, magenta and cyan line, respectively). The failure 
modes are identified by different marker shapes: the diamond marker is used for the 
failure mode I, the circle marker is used for failure mode II with side splitting 
mechanism and the square marker is used for failure mode II with bottom splitting 
mechanism. The literature formulae provide different values with respect to the 
numerical results; however these differences can be justified. 
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For failure mode I the formulae are based on experimental tests in which the tested 
connections were different with respect to the investigated ones. For example, the 
coefficient k=1.3 is based on tests performed on connection systems with smooth steel 
bars as reinforcement. 
In the case of splitting failure, the differences can be understood discussing the 
expression (3.8). According to Vintzeleou and Tassios (1986), in a horizontal section I-
I (Figure 3.57), the compressive stresses on the concrete (σcc) are equilibrated by the 
tensile stresses (σct). When these tensile stresses achieve the tensile strength of the 
concrete, a longitudinal crack opens and the failure starts. 
According to Hetenyi (1946) and considering the bar as a beam on an elastic 
foundation, the compressive stress (σcc) distribution along the bar can be computed as: 
 

( ) ( )b cc 2 2
-2d σ x = sin cosh cos - - sinh cos cosh ( - )

sinh - sin
D L x L x L x L x

L L
β β β β β β β

β β

 
   

 
 (3.10) 

 

 
Figure 3.56 Comparison between the shear strength obtained by the numerical model and the 
shear strength obtained by formulations available in technical literature, for different values of 

dowel diameter 
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(a) (b) 

Figure 3.57 Stresses in the concrete around the dowel: (a) in the cross section and (b) along the 
dowel (Vintzeleou and Tassios, 1986) 

In the formula (3.10) β is the foundation modulus, x is the distance from the concrete 
external surface, L is the dowel length embedded in the concrete and D is the shear 
load. According to the Vintzeleou and Tassios (1986) assumptions, the compressive 
stresses result equal to zero at x=2.5db, assuming βL=5 (usual concrete quality) and 
L=8db. The total compressive force is equal to: 
 

( )
2.5

0

1.22
bd

cc b ccF d x dx Dσ= ≈∫       

 (3.11) 
 
Then the strength Dcr can be obtained by the equilibrium at x=2.5db: 

1.22 2.5cc ct cr ct ct bF F D f b d= → = ⋅ ⋅ ⋅       (3.12) 
 
The comparison between the numerical results obtained by the ABAQUS model and 
those obtained by the expressions (3.10), (3.11) and (3.12) is reported in the following 
in the case of dowel diameter equal to M20. Figure 3.58shows the compressive stress 
distribution obtained by the ABAQUS model, while Figure 3.59 shows the same 
distribution evaluated by the expression (3.10) and according to the investigated 
connection (β=0.047 and L=600mm). According to the analytical distribution, the 
length of the compressive stresses results equal to 46.2mm (xc), i.e. 2.31 times the 
dowel diameter. In the FEM model this length is equal to 50mm and this result 
confirms the validity of the proposed model as well as the assumption of Vintzeleou 
and Tassios (1986). Concerning the tensile stresses, the distribution is reported in 
Figure 3.60 (red color) and it shows that they are equal to zero at 100mm (xt). If in 
equation (3.11) and in the equation (3.12) the equilibrium is evaluated at 100mm, the 
resistance becomes equal to: 
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4.88cr ct b ct ct b ctD b d f b d fα= ⋅ ⋅ ⋅ = ⋅ ⋅ ⋅      
 (3.13) 

 
It is evident that the (7) is different than the (3), justifying the differences between the 
results obtained by the expression (3) and the ABAQUS model (see Figure 3.61). 
Other sources of differences between numerical analyses and literature formulae are: 
the neglecting of the tangential stresses, assumed equal to zero at 100mm, even though 
they are not negligible (Figure 3.61); the neglecting of the steel stirrups in the column 
in the strength evaluation. 
 

 
Figure 3.58 Stresses in the 
concrete near the dowel at 

the failure step by the 
ABAQUS model 

 
Figure 3.59 Stress distribution 

evaluation according to the 
Hetenyi theory (Hetenyi, 1946) 

 
Figure 3.60 Stresses in the 
concrete near the dowel at 
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Figure 3.61 Tangential stresses distribution in the concrete near the dowel at the failure step by 

the ABAQUS model 
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If the horizontal force acts against the concrete core, the connection failure always 
occurs for side splitting of the column concrete (Table 3.11). For this loading 
condition, the frontal cover does not significantly influence the connection strength, 
that varies of the 12% (Figure 3.62). This happens because, if the horizontal force acts 
against the concrete core, the exhibited failure mechanisms are only the failure mode I 
and the failure mode II due to the concrete side splitting; this is confirmed by Table 
3.11, where the frontal cover always shows very low compressive stresses. 
Furthermore, in the analyzed case, the ratio between the lateral cover and the dowel 
diameter is constant and much lower than 6. 
If the horizontal force acts against the concrete cover, the connection failure always 
occurs when the concrete reaches the tensile strength in the lateral cover (Table 3.12), 
unless in the case the frontal cover cF is equal to 50mm. In this case the bottom and the 
side splitting contemporaneously occur and the connection strength is very low (Figure 
3.63). As expected, the tensile stresses in the frontal cover decrease at the increasing of 
the frontal cover (Table 3.12) and, for values of cF larger than 100 mm, the connection 
strength reaches an almost constant value (Figure 3.63), which is related to the side 
splitting. The analyses, performed with the horizontal force acting against the concrete 
cover and with a constant value of the ratio between the lateral cover (cL=100 mm) and 
the dowel diameter (M27) much lower than 6, confirm that for cL/cF ratio values lower 
than one a side splitting occurs; on the contrary, if such a ratio is larger than one, a 
bottom splitting occurs. 
 

Table 3.11 Damage percentage at the connection failure for each collapse mechanism, when the 
force is applied against the concrete core 

cF [mm] Failure mode II (side) Failure mode II (bottom) Failure mode I 

50 
   

100 
   

150 
   

200 
   

250 
   

 

 

0.80.4 10.60 0.80.4 10.60 0.80.4 10.60

0.80.4 10.60 0.80.4 10.60 0.80.4 10.60

0.80.4 10.60 0.80.4 10.60 0.80.4 10.60

0.80.4 10.60 0.80.4 10.60
0.80.4 10.60

0.80.4 10.60 0.80.4 10.60 0.80.4 10.60
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Figure 3.62 Shear force against the concrete core: force-displacement curves varying the 

frontal cover 
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Figure 3.63 Shear force against the concrete cover: force-displacement curves varying the 

frontal cover 

In Figure 3.64 the results of the numerical analyses obtained varying the frontal cover 
are compared to the results of the formulae, (3.7), (3.8) and (3.9). Even though for the 
most of the cases the failure is related to the side splitting, the formula (3.8) provides 
too low strength values, as illustrated in Section 5.3.2. Formulae and (3.7) provide 
results closer to those provided by the numerical analyses, unless in the case of 
cF=50mm, when the failure involves the frontal cover. 
 

 
Figure 3.64 Comparison between the shear strength obtained by the numerical model and the 
shear strength obtained by formulations available in technical literature, for different values of 

frontal cover 
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3.2.7.3 Influence of the lateral cover 

A third set of numerical analyses is performed varying the lateral cover, assigning a 
constant dowel diameter (M27) and a constant frontal cover (cF=130 mm). 
When the horizontal force acts against the concrete core, for the lateral cover cL= 50 
mm the connection failure is due to the side splitting (Table 3.13). For greater lateral 
covers, the connection failure is still due to the side splitting, but the stress in the dowel 
becomes closer to the yielding one (second column in Table 3.13). The increase of the 
lateral cover leads to a better confining effect, so that the connection shows a higher 
shear strength (Figure 3.65).  
When the horizontal force acts against the concrete cover, the connection failure is due 
to the concrete side splitting for the cases with cL= 50 mm and cL= 100 mm; while it is 
strongly conditioned by the bottom splitting failure for the largest value of the lateral 
cover (cL= 200 mm). Obviously, as the lateral cover increases, the stress of the dowel 
at the failure also increases (Table 3.14). For this loading condition, the shear strength 
as well as the failure displacement are highly influenced by the lateral cover depth 
(Figure 3.66). 
Figure 3.67 shows the comparison between the numerical results obtained by the 
ABAQUS model and the results provided by the formulae, (3.7), (3.8) and (3.9), 
confirming the bad prediction of these relationships in evaluating the connection 
strength. 
 

Table 3.13 Damage percentage at the connection failure for each collapse mechanism, when the 
force is applied against the concrete core 

cL [mm] Failure mode II (side) Failure mode II (bottom) Failure mode I 

50 
   

100 
   

200 
    

 

0.80.4 10.60 0.80.4 10.60 0.80.4 10.60

0.80.4 10.60 0.80.4 10.60 0.80.4 10.60

0.80.4 10.60 0.80.4 10.60 0.80.4 10.60
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Figure 3.65 Shear force against the concrete core: force-displacement curves varying the lateral 

cover 

Table 3.14 Damage percentage at the connection failure for each collapse mechanism, when the 
force is applied against the concrete cover 

cL [mm] Failure mode II (side) Failure mode II (bottom) Failure mode I 

50 
   

150 
   

200 
    

 

 
Figure 3.66 Shear force against the concrete cover: force-displacement curves varying the 

lateral cover 
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Figure 3.67 Comparison between the shear strength obtained by the numerical model and the 
shear strength obtained by formulations available in technical literature, for different values of 

lateral cover 

3.2.8 Conclusions 

The seismic response of concrete precast buildings is highly influenced by the response 
of the connection systems, among which the beam-to-column connection. The 
presented work investigates the response of dowel beam-to-column connections, 
typical of European precast industrial buildings, by means of a FEM model of this 
connection, validated by experimental test results. The reference test is the shear 
monotonic test on a dowel beam-to-column connection, described in Section 3.1.1. The 
results of the test confirm the expected behavior of this kind of connection under 
horizontal load, showing a brittle splitting failure in the concrete lateral cover of the 
column. 
The numerical model of the connection is presented in details and compared with the 
results of the monotonic test, showing a good agreement in terms of maximum 
strength, failure mechanism and local stress. 
An extensive parametric study is performed in order to discuss the influence of some 
geometrical characteristics of the investigated connection on its shear strength. Many 
case studies are implemented by varying the diameter of the dowels as well as the 
lateral and frontal concrete covers of the column, and nonlinear analyses are 
performed. The results of all the case studies show the sensitivity of the model to the 
parameters variation in terms of strength and of failure mechanism. It is confirmed 
that, if the lateral and the frontal covers are lower than 6-7 times the dowel diameter, 
the failure involves the concrete splitting, both in the case of force acting against the 
concrete core and in the case of force acting against the concrete cover. Furthermore, if 
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the lateral cover is equal or lower than the frontal cover, the side splitting occurs; 
otherwise, only in the case of force acting against the concrete cover, the failure also 
involves the bottom splitting. 
The results of the parametric study are finally compared with some formulae proposed 
in technical literature: the CNR 10025/84 one and the Vintzeleou and Tassios 
relationships. 
The CNR 10025/84 formula and the Vintzeleou and Tassios one, which takes into 
account the failure mechanism involving the steel dowel and the surrounding 
compressed concrete (failure mode I) are very similar and generally are the closest to 
the results of the numerical analyses, even though the FEM analyses in the most of the 
cases show a failure mode II (concrete splitting). The low reliability of these formulas 
are justified considering that they are based on experimental tests in which the tested 
connections were different with respect to the investigated ones. 
On the other side, the Vintzeleou and Tassios relationships concerning the side and the 
bottom splitting provide too low strengths with respect to the numerical ones. The large 
differences are discussed and justified considering the assumptions made by the 
theoretical formulae. 
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3.3 Panel-to-structure connection 

The presented study investigates the cladding panel influence on the seismic response 
of a benchmark precast industrial building, designed according to Eurocodes, by means 
on nonlinear dynamic analyses. Both the bare model and the model with vertical panels 
are implemented in the OpenSees (McKenna and Fenves, 2013) program, according to 
the models described and proposed in the Section 2.4. The results of the nonlinear 
analyses show the high influence of the panel-to-structure interaction on the seismic 
global response of the precast buildings: the forces distribution in the structural 
elements changes due to the high stiffness of the nonstructural panels. As a 
consequence of above, high values of forces are recorded in the connections systems 
between the panels and the structure, that are demonstrated to be higher than the design 
strength capacity. 
A seismic risk assessment analysis is also performed in order to evaluate the influence 
of the panels on the global collapse probability of failure. Assuming that the failure of 
the panels corresponds to the achievement of the ultimate limit state, the incremental 
dynamic analyses demonstrate that the probability of failure drastically decreases if the 
cladding panels are introduced in the model since their collapse always forward the 
structural elements damage and collapse (e.g. the achievement of the ultimate rotation 
capacity in the precast columns). 
If the panel collapse (i.e. the penal-to-structure connection failure) is not assumed as 
the global structural collapse but their influence on the seismic response cannot be 
neglected, a new model is needed in order to take into account the effective distribution 
of damage, failure and forces during the seismic excitation. This need motivates the 
implementation of an innovative model that considers the panel presence in the 
structure but that controls the damage state in the connections during the analysis steps, 
removing the failed elements when the connection strength is achieved. The results of 
the nonlinear dynamic analyses with this model demonstrate an important difference in 
the structure response if the panels collapse is simulated, justifying some recorded 
damages and the real behavior of the structure when the interaction cannot be 
neglected. 

3.3.1 State of art 

The panel-to-structure interaction problem is an important topic, related to the 
economic losses in industrial production and to the life safety of humans. The scientific 
community studied this problem over the last fifty years: in the Section 2.4 the studies 
on the dynamic characteristics of structures with panels are reported, while in the 
following the main results about the panels influence on the seismic response of 
structures are described. 
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The first studies that recognized the important influence of cladding panels on the 
structural response are the researches of Gjelsvik (1974) and Oppenheim (1973). 
In the following years the research team of Georgia Institute of Technology developed 
a research program with the aim to study an existing 25-story steel-frame office 
structure (Palsson et al., 1984), developing several researches on the dynamic influence 
of cladding and on the seismic response of the connected structures. Since the results 
on the dynamic properties demonstrated the high influence of the panels (Section 2.4), 
the researcher group justify this influence by investigating the cladding panels as 
potential sources of lateral stiffness. In the framework of the study, Goodno and 
Palsson (1986) developed four different analytical models to represent the building 
precast façade, among which the interstory shear stiffness model was found to be the 
simplest and the most efficient one. In this model, the authors added the stiffness of the 
cladding panels through a constant interstory shear stiffness value, at each story. 
According to the results of the analyses on this model, the authors concluded that the 
building claddings and the other nonstructural components are largely neglected 
sources of lateral stiffness in high-rise buildings: the added stiffness provided by 
architectural elements may substantially alter the overall building response and 
invalidate the response predictions based on a bare frame model. 
The same researcher group also tried to model the presence of cladding panels by 
introducing slotted connections in order to represent the case in which the interaction 
between the panels and the structure is avoided (Goodno et al., 1984). The results of 
this study demonstrated that the performance of the structure is distinctly different 
when cladding effects are included in the model. Moreover, in all the investigated 
cases, the peak interstory drift along the direction of the applied ground motion 
exceeded the allowable drift values in the slotted connections; demonstrating that the 
slot dimension should also be greater than the recorded drift if the interaction could be 
neglected. In Goodno and Craig (1989) a summary of this research was provided, 
showing that the precast cladding systems contribute to the lateral strength of 
multistory buildings and that the research was going to develop special connections 
devices between panels and structure, able to provide additional damping, i.e. 
dissipative systems, in order to reduce the expected drifts in case of seismic events. 
The basic concepts on structure ductility, connection devices and high damping panels, 
able to reduce the seismic response of structures, are summarized in Pinelli et al. 
(1995). 
An interesting work on the effect of the external cladding system on the damping 
properties of a steel structure was carried out in Thiel et al. (1986), who conducted a 
series of nonlinear dynamics analyses of a benchmark 15-stories and four spans 
building, with uniformly distributed mass and stiffness. The cladding system was 
modeled as concentrated dampers at each floor, with an elastic perfectly plastic 
behavior and the results of the nonlinear dynamic analyses were recorded in terms of 
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roof displacement and total shear at the base. The main conclusion was that the 
efficiency of the damper, which represent the panels, increases with the assigned 
yielding strength level; for high levels of the yielding strength and a frame viscous 
damping of 2%, the response of the structure reduces by approximately 40% in terms 
of maximum displacement in the panels, and by 45%, in terms of base shear. However, 
even if the authors argued that the effective damping of a building can be increased 
through the activation of the lateral resistance of the cover panels and through the 
hysteretic behavior of the connections, the connections require very high stiffness to be 
effective, too high if compared to the typical designed devices.  
Wolz et al. (1992) analyzed the case of a six-story building, modeled in 1:4 scale with 
two panels for each bay, introduced in the model as rigid truss elements, connected at 
the beam-to-column joint. The two connections were modeled with a bilinear force-
deformation backbone curve, with an arbitrarily chosen initial stiffness. Some dynamic 
analyses were performed with some input records with a maximum amplitude of 0.3g 
and then the displacements at the top are recorded both with and without the trusses, 
showing that the displacements of the model with panels were 33% lower than the ones 
recorded on the bare frame. 
In a PEER (Pacific Earthquake Engineering Research Center) report, Hunt and 
Stojadinovic (2010) studied a nine-story steel building in Los Angeles, modeled with 
and without the external cladding panels. The building is modeled as a bare frame, i.e. 
with no cladding systems. As anticipated in the Section 2.4.1 of this thesis, according 
to the modal analyses in this work, the cladding system did not significantly influence 
the building dynamic properties both in terms of periods and modal shapes. However, 
the performed non-linear analyses (static and dynamic) showed a significant influence 
of the precast concrete panels on the structural behavior when strong motions occur. 
As indicated by previous studies, the panel-to-structure connection behavior has a 
significant influence on the interaction between supporting frame and cladding panels. 
Stiffness and strength of these connections vary widely, consequently a large effort in 
collecting data is needed, in order to study the influence of the cladding system on the 
building response. In the last years a significant research effort has been done and is 
ongoing in order to study precast buildings connection systems. Two main European 
research projects are conducted in these years on precast buildings: the SAFECAST 
(Toniolo, 2012) and the SAFECLADDING projects. The first project was concluded in 
2012 and its main scope was the improvement of the knowledge on the seismic 
behavior of precast pre-stressed structures, with specific reference to connections. The 
latter project is ongoing and it studies the influence of cladding panels on the resisting 
system of precast industrial buildings. Within these projects several papers have been 
recently published, among them the paper of Biondini et al. (2013). This paper studies 
the influence of vertical panels on the seismic behavior of one-story precast structures. 
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The study considers the panel as pendulum, with two hinges applied one at the top and 
one at the bottom of each panel, and two main degrees of reciprocal connection 
between the panels: a) absence of connections (statically determined solution) with 
structural response given only by the columns, and b) perfectly rigid connections 
(integrated solution) with structural response almost only given by the wall panels. 
Since in the latter case the forces on the connections are too high and the design of 
proper devices is too difficult, the authors propose the use of an innovative dissipative 
connection between vertical panels in order to attenuate the seismic response of the 
integrated wall-frame system. The effectiveness of this solution is demonstrated by 
means of nonlinear static (pushover) analyses and nonlinear dynamic analyses under 
recorded and artificial earthquakes. 

3.3.2 Benchmark structure 

The benchmark structure is a one-story precast industrial building. The geometrical 
features of the structure are described in Figure 3.68. The building consists of precast 
columns, fixed at the base (Osanai et al., 1996), and connected at the top by hinged 
prestressed beams, which support the roof elements.  
The structure is designed for a medium-high seismicity Italian area (design peak 
ground acceleration at the bedrock equal to 0.168g) according to Eurocode 8 (CEN, 
2005) and for a ductility class “H”. The concrete class is C45/55 for columns with 
elastic modulus equal to 36283 MPa. The seismic weight is obtained considering all 
the structural and the nonstructural elements (panels) as well as the live loads on the 
structures; the values of the seismic weight is about 7kN/m2. 
The columns have a square cross-section (80cm x 80cm), reinforced with 28 φ22 as 
longitudinal bars (ρ=1.66%) and with stirrups φ10 spaced of 12.5 cm. The horizontal 
elements are designed according only to the vertical loads (structural and accidental 
loads) and they consist of prestressed TT roof elements, variable section prestressed 
beams in the transversal direction (Z direction in Figure 3.68) and rectangular cross-
section beams in the longitudinal direction (X direction in Figure 3.68). The assumed 
behavior factor is equal to 4.5, as indicated in the EC8 for RC frames. 
The investigate panel system consists of vertical RC precast panels, connected to the 
roof horizontal beams. The investigated connection system (Figure 3.69a) consists of 
two steel profiles, embedded in the element to be fixed (panel) and in the fixed element 
(horizontal element, e.g. beam). The two profiles (Figure 3.69b) are generally 
orthogonal in order to allow the adjustment of the panel in two directions. The 
connector (Figure 3.69d) is a steel plate, which may be knurled to prevent sliding; it 
has a hammer-end for the attachment in the connected element, and a slot for 
adjustment in the assembly phase. The connector links the interlock (Figure 3.69c) to 
the profile in the horizontal element. It follows that the connection yields three 



Seismic behavior of one-story precast buildings 

 

170  

unrestrained, even though limited, translational degrees of freedom: one is ensured by 
the slot in the plate (typically displacement of 50 mm is allowed), and the other two are 
due to the channel bars (the allowable displacement depends on the profiles length). At 
the bottom, the panel connection can be ensured in different ways. This connection 
may be achieved by clip-panel beams equipped with a fork, to which the base of the 
panel is rigidly connected using a mortar casting. This kind of connection is no longer 
in use due to the high cost of construction and to the low seismic efficiency. Welded or 
bolted metal anchors are today widespread. According to the described characteristics 
and to the described studies, it is possible to classify the panel to structure connection 
and to choose the realistic model for numerical analyses. In particular, the investigated 
connection could be assumed as a sway-type connection. 
 

 
Figure 3.68 Benchmark one-story precast building: a plan view, b transversal bays and c 

longitudinal bays 
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(a) (b) (c) (d) 
Figure 3.69 (a) Investigated connection between vertical precast panel and resistant structure: 

(b) channel bar, (c) interlock and (d) connector 

3.3.3 Nonlinear model 

This study aims at investigate the influence of the precast panels on the seismic 
response of one-story precast structures by means of nonlinear dynamic analyses. The 
analyses are performed on the bare frame as well as on the structure with cladding 
panels in the software OpenSees. In the bare case the panel-to-structure interaction is 
neglected, representing the widespread modeling approach of precast structures. The 
nonlinear behavior of the structure is concentrated at the column base by means of a 
lumped plasticity model. In the model with cladding panels the interaction is 
considered by modelling the cladding panels and their connection.  
The moment-curvature envelope of the columns is obtained considering three types of 
fibers in the cross-section: the unconfined concrete fibers in the concrete cover; the 
concrete confined fibers (Mander et al., 1988) in the concrete core and the steel fibers 
of the reinforcing bars. On the results of the fiber analysis of the section, the plastic 
hinge behavior is evaluated in terms of moment-rotation envelope. The adopted model 
is a tri-linear envelope, which neglects the cracking point, defining three characteristic 
points: the yielding, the capping and post-capping points. The values of this points are 
assumed according to Fischinger et al. (2008), where the best envelope for precast 
columns are suggested, according to the results of some experimental tests. 
The yield drift is calculated according to the formula proposed by Fardis and Biskinis 

(2003): 
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θ φ

⋅ ⋅
= ⋅ + + ⋅

−
     (3.14) 

where: 
− yφ  is the yield curvature (evaluated as described in the previous section); 

- Ls is the shear span; 
− 1sa  is a zero-one variable indicating the slip of the longitudinal bars from their 

anchorage (1-slip, 0-no slip); 
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− ( ')d d−  is the distance between the tension and compression reinforcement; 
− yε  is the yield strain of the tension reinforcement; 

− yf  and cf  are the yield stress of the tension reinforcement and the compressive 

strength of the concrete (both in MPa ), respectively. 
The other points of the moment-rotation curve were calculated according to Haselton 
(2006): 

( ) ( )0.52 0.01 10.00.12 1 0.4 0.2 0.02 40 0.56 2.37cf
cap sl sha ν ρθ ρ= ⋅ + ⋅ ⋅ ⋅ + ⋅ ⋅ ⋅   (3.15) 

( )1.020.76 0.031 0.02 40 0.1pc sh
νθ ρ= ⋅ ⋅ + ⋅ ≤      (3.16) 

Equations (3.15) and (3.16) are the capping and the post-capping rotation capacity, 
respectively. In the expressions above ρ  and shρ  denote the longitudinal and 
transverse reinforcement ratios, respectively, and ν is the axial load ratio. 
Whereas yM  can be calculated analytically, the capping moment ( cM ) is determined 

from: 
0.011.25 0.89 0.91 cfc

y

M
M

ν ⋅= ⋅ ⋅        (3.17) 

The energy dissipation capacity of the plastic hinge is taken into account by the factor 
λ  (3.18). Since, it is important to realize that the envelope curve used in the Ibarra 
model is a monotonic one, and cannot be directly compared with the envelope of the 
cyclic response, a normalized energy dissipation capacity is calculated as: 

,/127.2 0.19 0.24 0.595 4.25p n sh effV Vs d ρνλ = ⋅ ⋅ ⋅ ⋅      (3.18) 
Where s d  is the ratio of stirrup spacing to column depth; p nV V  is the ratio of shear 

at flexural yielding to shear strength; and ,sh effρ  is the effective ratio of transverse 

reinforcement. 

 
Figure 3.70 Moment-rotation envelopes 
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As anticipated, the adopted model for panels and connection system is assumed in 
order to take into account the possible interaction between the panels and the structure. 
As in Section 2.4, the model of the panel-to-structure connections consists of: 

• two hinge connections at the bottom of each panel; 
• two constraints that allow rotations but avoid the sliding of the panel with 

respect to the beam, at the top of the panel. 

The single panel is modeled as a two-dimensional frame (Figure 3.71), as proposed in 
Hunt and Stojadinovic (2010), composed of four elastic one-dimensional elements: 

• two vertical elements, characterized by area and moment of inertia equal to the 
half of area and moment of inertia of a single panel; 

• two horizontal beams modeled as rigid bodies. 

The vertical elements take into account the inertia properties of the panels and the two 
horizontal rigid elements give to the panel model the characteristics of a bi-
dimensional element. The seismic masses are assumed equal to the values of the bare 
models. In both the bare model and the model with the cladding panels the rigid 
diaphragm hypothesis is used, assuming stiff and strong roof connections that allow a 
rigid behavior of the roof, also when the cladding panels interact with the structure. 

 
Figure 3.71 Linear elastic model of the structure with cladding system: a model of two vertical 

panels with the bi-dimensional frame 

3.3.4 Seismic input 

The nonlinear dynamic analyses are performed with a set of 7 natural accelerograms 
(CEN, 2005), selected in order to match the code elastic spectrum of the considered 
seismic zone (Iervolino et al., 2010). The records and the verification of the spectrum 
compatibility are reported in Figure 3.72. In Table 3.15 the main parameters of the 
natural earthquakes are reported in terms of: earthquake ID (1st column), name of the 
real event (2nd column), date of the event (3rd column), magnitude (4th column), peak 
ground acceleration (5th column) and type of soil according to the EC8 categories (6th 
columns). 
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Figure 3.72 Spectrum of the record comparison between their mean spectrum (black solid line) 

to the code design spectrum (red solid line) 

Table 3.15 Main parameters of accelerograms in the performed dynamic analyses 

Earthquake ID Earthquake Name Date Mw PGA [m/s2] EC8 Site class 
414xa Kalamata 13/09/1986 5.9 2.3537 

B 

147ya Friuli (aftershock) 15/09/1976 6.0 2.3189 
413xa Kalamata 13/09/1986 5.9 2.1082 

1714ya Ano Liosia 07/09/1999 6.0 2.1588 
6093ya Kozani (aftershock) 19/05/1995 5.2 1.8431 
239xa Dursunbey 18/07/1979 5.3 2.1314 
199ya Montenegro 15/04/1979 6.9 3.5573 

3.3.5 Bare structure: nonlinear analyses results 

The dynamic analyses are performed on both the bare and with the cladding panels 
models and the behavior in the two main directions (X and Z) are investigated, 
separately applying the records in X and Z directions of the structure. 
The results of the nonlinear dynamic analyses on the bare model are reported in terms 
of displacement-time and force-time curves and the global response of the structure is 
shown in terms of the force-displacement diagram. In these diagrams the force is the 
sum of the shear forces in the columns in the investigated direction and the 
displacement is the displacement of the master joint at the roof level in the investigate 
direction. Figure 3.73 and Figure 3.74 show the results for the bare structure in X and 
Z directions, respectively. 
Under all the considered set of natural accelerograms, the structure does not experience 
any inelastic deformation for both the directions. 
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Figure 3.73 Results of the dynamic analyses on the bare model in the X direction of the 

structures: displacement-time curve (left plot in the first row), force-time curve (right plot in the 
first row ) and force-displacement curve (plot in the second row). 

 
Figure 3.74 Results of the dynamic analyses on the bare model in the Z direction of the 

structures: displacement-time curve (left plot in the first row), force-time curve (right plot in the 
first row ) and force-displacement curve (plot in the second row). 

The elastic response of the considered benchmark structure does not seem to be logical 
and correct because of two main considerations: i) in the design phase a high value of 
the behavior factor (4.5) is assumed; ii) the longitudinal reinforcement in the column 
cross-section is higher than the minimum percentage required by the code (1%). 
Therefore, according to these two considerations, the overstrength of the structure 
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should not be high and under an earthquake with the maximum ground acceleration 
equal to the design acceleration, an inelastic behavior is expected. However, there are 
other sources of overstrength in the structure, listed in the following. 
a. The stiffness of the structures with columns loaded by low axial forces (typical for 

one story structures) is much lower than the one assumed in the design phase. The 
structure is designed with the cracked inertia, i.e. half of the gross inertia. Therefore 
the demand is considerably lower than the design one. 

b. Medium values of the material mechanical characteristics are considered in the 
model of the dynamic analyses. 

However, one should be very careful in the interpretation of this result, which basically 
suggests that one-story industrial buildings will typically have very large overstrength 
related to very large degree of seismic safety. This deterministic point of view is not 
correct. If one properly takes into account the variability in the seismic action and 
materials (Fischinger et al., 2009) the probability of collapse of such structures could 
be considerably high, regardless the high level of overstrength. In addition to this, it 
should not be forgotten, that in this study it is assumed that the connections are strong.  

3.3.6 Structure with cladding panels: nonlinear analyses results 

The results of the dynamic analyses on the model with cladding panels are reported as 
in the previous section in terms of displacement-time curve, force-time curve and 
force-displacement diagram, reported in Figure 3.75 and in Figure 3.76 for the 
structure with panels in X and Z directions, respectively. 
The investigated structure does not experience inelastic deformations under the 
considered set of accelerograms but the values of displacements and forces are much 
lower than those recorded in the dynamic analyses on the bare model. 
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Figure 3.75 Results of the dynamic analyses on the model with cladding panels in the X 

direction of the structures: displacement-time curve (left plot in the first row), force-time curve 
(right plot in the first row ) and force-displacement curve (plot in the second row). 

 

 
Figure 3.76 Results of the dynamic analyses on the model with cladding panels in the Z 

direction of the structures: displacement-time curve (left plot in the first row), force-time curve 
(right plot in the first row ) and force-displacement curve (plot in the second row). 

This result can justify the main failures recorded in the last severe earthquakes in 
Europe: the high stiffness of the cladding panels cause a reduction of the seismic forces 
in the structural elements (columns) but also high forces in the connections, directed in 
the plane of the panels and larger than the ones, evaluated in the design phase. 
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3.3.7 Connection safety evaluation 

In order to calculate the ratio between the design strength of the connections and the 
real forces due to the earthquake, the design of a typical connection is performed and 
its strength is compared to the dynamic analyses results. 
The widespread failure mechanisms in the panel-to-structure connections are the shear 
failure of the connector and the failure of the steel profile. The first failure mode is 
related to the shear force in the plane of the panel, while the latter one is caused by the 
forces in the out of plane direction. 
The seismic design forces for the connection between the panel and the structure 
(horizontal elements in the case of vertical panels) are related only to the weight of the 
nonstructural component and directed in the orthogonal direction of the panel (out of 
plane direction). In particular, the panel is usually assumed as a doubly-supported 
beam (at the top and at the base), subjected to a distributed load, given by the equation 
(3.19). 
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      (3.20) 

In the equation (3.19) L is the height of the panel (length of the supported beam), Wa is 
the seismic weight of the panel; Sa is the spectral acceleration of the element, evaluated 
with the (3.20), and qa is the behavior factor for nonstructural elements, assumed equal 
to 2.0. In the equation (3.20) α is the ratio between the maximum ground acceleration 
and the gravity acceleration (g), Ta is the fundamental period of the element (0.25sec), 
T1 is the structure fundamental period, Z is the height of the barycenter and S is a 
coefficient that accounts for the soil and topography type.  
As explained above, the design forces of the supports are directed in the out of plane 
direction; hence, their values (24.08kN) are used in order to design the steel profile 
(Figure 3.77 and Table 3.16). The connector is designed according to the steel profile 
dimensions and in this study it is assumed as a treated bar with a diameter of 16mm 
and strength class 8.8. 
By comparing the strength of the connector with the dynamic results, it is found that in 
both the directions the shear strength of the connector is smaller than the seismic forces 
in the connection: Figure 3.78 and in Figure 3.79 show the recorded forces in the panel 
direction (Z and X direction, respectively) at the connection level (circles) for all the 
considered records and the shear strength of the connector (red dash-dot line). 
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(a) (b) 

Figure 3.77 (a) Section of the steel profile in the beam and in the panel; (b) length and height of 
the steel profile 

 
Table 3.16 Geometrical characteristics of the steel profiles 

 
 

 
Figure 3.78 Forces in panels connections in Z direction: the first row shows the panels 

distribution and the second row shows the comparison between the seismic forces for the 
considered records (circles) and the shear strength of the connector (red dash-dot line) 
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Figure 3.79 Forces in panels connections in X direction: the first row shows the panels 

distribution and the second row shows the comparison between the seismic forces for the 
considered records (circles) and the shear strength of the connector (red dash-dot line) 

3.3.8 Seismic collapse risk 

In this section the assessment of the seismic collapse risk of a benchmark structure 
with and without the cladding panels is performed according to the PEER 
methodology. The main purpose of this methodology is to predict the probability of 
exceeding a certain level of performance in the structure. In this study, the global 
collapse limit state of the structure is considered, i.e. the condition in which a structural 
system is unable to support vertical loads when subjected to seismic excitation.  

3.3.8.1 Methodology 

The used approach is the IM-based approach in order to evaluate the annual frequency 
of exceeding for the considered limit state (Cornell et al., 2002). The probability of 
exceeding the limit state of global collapse, that is the "probability of failure", is 
evaluated as: 
 

[ ]LSP P D C= >          (3.21) 
where D is the demand and C is the capacity at the collapse. 
As suggested by the same authors, the problem can be resolved into two parts: a 
seismological part and a structural engineering one, according to the Total Probability 
Theorem (TPT). 
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After mathematical steps and using an exponential hazard curve law ( ( ) 0a

k
SH x k x−= ⋅ ) 

the following relation is obtained: 
1 2 2 21 1( ) exp( ) exp( )

2 2C S

year
LS S S TOT HH H m k β β= ⋅ ⋅ ⋅ ⋅ ⋅      (3.22) 

In this equation some important assumptions are considered: 
- Sa,c (median value of the limit state capacity) is a lognormal random variable; 
- HS (hazard) is a lognormal random variable with a dispersion 

SHβ  and its 

median approximated by a power-law relationship defined by parameters k and 
k0; 

- the total uncertainties of the collapse capacity 2
TOTβ  is equal to the sum of the 

variance due to record-to-record (RTR) variability and the variance due to the 
uncertainty in numerical modeling (FEMA, 2008). 

Incremental dynamic analyses 

In order to evaluate the limit state capacity ( ,a CS ), incremental dynamic analyses are 
performed (Vamvatsikos and Cornell, 2002). An IDA study is a dynamic analysis 
study of a given structural model at different levels of intensity; it involves a series of 
dynamic nonlinear runs performed under scaled accelerograms, whose IMs are, ideally, 
selected to cover the whole range from elastic to nonlinear and finally to collapse of 
the structure. The purpose is to record damage measures DMs of the structural model 
at each level of IM and the resulting values are plotted versus the intensity as 
continuous curves, an IDA curve. This is a plot of a state variable (DM) recorded in an 
IDA study versus one or more IMs that characterize the applied scaled accelerogram. 
The IDA curve gives the information to assess the reaching of a certain level or limit-
state. The IM-based rule, which is considered in this work to assess the global collapse 
limit state, is needed to assess collapse capacity, i.e. to have a single point on the IDA 
curves defining the global collapse limit state. If IMIM C≥  then the limit-state is 
exceeded. In this work, the strategy for evaluating the global collapse point is the one 
proposed by FEMA (2000). According to this rule the last point on the curve with a 
tangent slope 20% of the elastic slope is defined to be the capacity point. This rule is 
justified by the fact that the flattening of the curve is an indicator of the dynamic 
instability, which is an indicator of collapse. 
 
Seismic hazard function 

The hazard curve provides the mean annual (or in 50  year) frequency of exceeding a 
particular PGA or IM for a given period and damping ratio. 
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The peak ground acceleration (PGA) and the spectral acceleration at the first mode, 
1( )aS T , are considered as IM’s scalars for this seismic risk study. 

The likelihood of exceeding the 'IM s  during a specified time range can be taken from 
a Probabilistic Seismic Hazard Analysis of the site. A site-specific seismic hazard 
analysis is performed based on the Italian seismic zonation. The hazard curves are 
taken from the website of INGV (http://esse1.mi.ingv.it). Specifically, the project of 
Meletti and Montaldo (2006) provides the results of site-specific seismic hazard 
analysis based on the Italian seismic zonation. This project has two sections: D2 gives 
the seismic hazard map of the peak ground acceleration at nine different probabilities 
of exceeding in 50 years; D3 gives the seismic hazard map of the spectral acceleration 
for 10 spectral periods (in the range between 0.1 and 2.0 seconds). These values have 
been calculated for all the points of Italian seismic zonation (a grid with a step of 0.05 
degrees): for each point the 50th percentile (median values), the 16th and the 84th 
percentiles are available. 
In this work the hazard function is derived for the considered seismic zone, having 
those following characteristics: 

th
g rID= 32979; Long.= 14.2837; Latitude= 40.8822; a (T = 475years,50 perc.)= 0.167g  

In Table 3.17 ga  and ( 1.5sec)aS T =  values for all the available probabilities 
RVP  (and 

corresponding return period RT ) are presented. The value of spectral acceleration is 
taken at 1.5secT =  since the fundamental elastic period of the analyzed structure is 

1, 1.66secanalysisT = .  

 

Table 3.17 Ground acceleration values at different probabilities of exceedance in 50 year 

TR PVr ag
50th ag

16th ag
84th 

[yy] [%] [g] [g] [g] 
30 81% 0.0457 0.0238 0.0489 
50 63% 0.0600 0.0369 0.0667 
72 50% 0.0731 0.0469 0.0813 
100 39% 0.0867 0.0578 0.0968 
140 30% 0.1016 0.0701 0.1132 
200 22% 0.1204 0.0848 0.1328 
475 10% 0.1679 0.125 0.1500 
975 5% 0.2132 0.1694 0.2367 

2475 2% 0.2798 0.2360 0.3148 
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Table 3.18 Spectral acceleration (T=1.50sec and damping value of 5%) values at different 
probabilities of exceedance in 50 years 

TR PVr Sa
50th Sa

16th Sa
84th 

[yy] [%] [g] [g] [g] 

30 81% 0.0148 0.0132 0.0234 
50 63% 0.0251 0.0222 0.0388 
72 50% 0.0329 0.0293 0.0515 
100 39% 0.0418 0.0356 0.0633 
140 30% 0.0522 0.0421 0.0762 
200 22% 0.0632 0.0509 0.0914 
475 10% 0.0911 0.0741 0.1310 
975 5% 0.1174 0.0975 0.1700 
2475 2% 0.1563 0.1342 0.2293 

 
The hazard curve can be approximated by a power-law relationship in the region of 

interest (DOE, 1994): 

0,( ) [ ] agk
ag g agH x P a x k x−= ≥ = ⋅ ; ,

0,( ) [ ] k Sa
Sa a SaH x P S x k x−= ≥ = ⋅ ; 

where 0k  and k  are parameters defining the shape of the hazard curve. 
In order to define these parameters the method of least squares is used, applied to the 
three lowest probabilities (10% ; 5%  and 2% ). The evaluated hazard curves for the 
two IM’s are reported in Figure 3.80 and in Figure 3.81. 
 

  
Figure 3.80 Hazard curve for peak ground 

accelerations in logarithm scale 

Figure 3.81 Hazard curve for spectral 
accelerations (T=1.5sec - ξ=5%) in logarithm 

scale 

3.3.8.2 Bare structure results 

The IM-based approach is used in order to estimate the probability of collapse of one-
story precast structure. The IDA curves and the corresponding PDF distribution are 
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reported both in terms of peak ground and spectral acceleration (Figure 3.85) at the 
first mode period. 
The limit value to assess the seismic safety is assumed from the recommendations 
suggested by the Joint Committee on Structural Safety (JCSS, 2001). For the analyzed 
industrial buildings (with moderate consequences of failure) and seismic action (a large 
uncertainty of loading) the target reliability is 2.5% in 50 years. According to the 
results of the risk seismic analysis (Table 3.19 and Table 3.20) the structure is safe in 
both the cases of peak ground and spectral acceleration. 

  
Figure 3.82 IDA curve and PDF in terms of 

peak ground acceleration 
Figure 3.83 IDA curve and PDF in terms of 

spectral acceleration 
 

Table 3.19 Seismic risk study summary with peak ground acceleration 

mag βRTR
2 βTOT

2 βHs
2 k HS (mag) exp (1/2 k2 βTOT

2) exp (1/2 k2 βHs
2) HLS,50 

[g] [-] [-] [-] [-] [%] [-] [-] [%] 

1.71 0.022 0.355 0.025 3.0 0.0088 4.94 1.01 0.044 

 
Table 3.20 Seismic risk study summary with spectral acceleration at the first mode period 

mSa βRTR
2 βTOT

2 βHs
2 k HS (mSa) exp (1/2 k2 βTOT

2) exp (1/2 k2 βHs
2) HLS,50 

[g] [-] [-] [-] [-] [%] [-] [-] [%] 

1.52 0.022 0.354 0.077 2.8 0.0035 4.13 1.04 0.015 
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3.3.8.3 Structure with cladding results 

The incremental dynamic analyses are also performed on the model with cladding 
panels. In the following the results are reported in the X direction in terms of IDA 
curve and PDF distribution (Figure 3.84). The IDA curves are reported in terms of 
peak ground acceleration and. The point that defines the global capacity of the 
structure is defined on the IDA curves as the point at which the strength in the 
connection system is achieved, i.e. the shear failure of the connector occurs. Such an 
assumption is justified by the high impact of the panels collapse on the human life 
safety, as broadly explained and demonstrated in the previous sections. 
 

 
Figure 3.84 IDA curve and PDF in terms of 

peak ground acceleration 

 
Table 3.21 Seismic risk study summary with peak ground acceleration 

mag βRTR
2 βTOT

2 βHs
2 k HS (mag) exp (1/2 k2 βTOT

2) exp (1/2 k2 βHs
2) HLS,50 

[g] [-] [-] [-] [-] [%] [-] [-] [%] 

0.15 0.097 0.429 0.025 3.0 13 6.90 1.01 90 

 

3.3.9 Progressive collapse 

In order to improve the knowledge on the cladding panels interaction, a novel model is 
implemented in the program OpenSees (McKenna and Fenves, 2013), that takes into 
account the achievement of the maximum strength in the panel-to-structure connection 
through the “Removal” command (Talaat and Mosalam, 2009). 
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This command allows to “remove” from the resistant structure all the cladding panels 
that achieve the maximum strength in the connection system during the nonlinear 
dynamic analysis: once the collapse of the panel is achieved, the analysis of the 
structure continues without the collapsed panels.  
Each panel is characterized by two connections at the top with the structure and for 
each connection a limit domain is defined in terms of displacements. In this study, only 
the shear mechanism of the connector is considered; hence, for the action out of the 
plane a very large limit displacement is assumed. The limit displacement in the panel 
direction is obtained from the ratio between the shear strength of the connector and the 
stiffness of the panels. 
During the analyses, the display function shows the progressive collapse of the panels, 
defined with different connection limit domains in both the investigated directions 
(Figure 3.85).  
The progressive collapse is also demonstrated by numerical results in terms of 
displacement-time curve (from Figure 3.86 and Figure 3.87) and force-time (Figure 
3.88 and Figure 3.89), where the force is the sum of the shear forces in the columns 
and the displacement is the displacement of the master joint at the roof level. For the 
sake of brevity, the results for one of the considered records are shown. 
Such a model can be used in order to achieve two main purposes: i) the evaluation of 
the real forces at the base of the structural elements during an earthquake; ii) the 
justification of the recorded damage in the structural elements due to a seismic event 
after the collapse of the cover panels; iii) the evaluation of the seismic response and the 
collapse risk of precast one-story structure in which the achievement of the panel 
collapse does not correspond to the achievement of the global collapse. 
 
 

 
 

Figure 3.85 Display of the progressive collapse during one dynamic nonlinear analysis 
direction: (a) step of the first collapsed panel; (b) last step of the analysis 
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Figure 3.86 Displacement-time curve in X 

direction 
Figure 3.87 Displacement-time curve in Z 

direction  

 

  

Figure 3.88 Force-time curve in X direction  
Figure 3.89 Force-time curve in Z direction  

 

3.3.10 Concluding remarks 

This work studies the influence of the cladding panels on the seismic response of one-
story precast structures. Such influence is evaluated comparing the results of nonlinear 
analyses on two structural models: one in which the interaction between the panel and 
the structure is neglected (bare structure) and one in which this interaction is 
considered, modeling also the behavior of the panels (model with cladding panels). 
The results of the analyses underline that the panels have an important influence on the 
global behavior of the structure. The high levels of forces in the panels motivate the 
study of the connections response: in order to evaluate the security factors with respect 
the failure of the connection components, a typical connection between vertical panels 
and beams is designed. By the comparison between the connection strength and the 
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recorded forces, it is demonstrated that under seismic action the collapse of the infill 
can occur due to inadequate strength of the connection system. 
A seismic risk study is then performed in terms of global collapse probability, that 
confirms the significant influence of the precast panels on the behavior of the structure. 
In this study, when the cladding panels are considered in the model, the condition of 
collapse always corresponds to the collapse of the panel connection, taking into 
account the problem related to the safety of life. 
In order to investigate the real behavior of the structures, a novel model is developed 
that simulates the progressive collapse of the panels. This model allows to monitor the 
redistribution of the forces during an accelerations record in all the structural elements. 
The first result is related to the forces in the columns, that increase as the panels fail, 
justifying the recorded damage, occurred in the structural elements during some 
seismic events, after the collapse of the panels. This model can also be used in order to 
study the seismic response of structures, in which the influence of the panels cannot be 
neglected but their collapse is not assumed as the structure collapse, e.g. when the 
connection with the structure achieves the maximum strength, the panel does not bear 
any force deriving from the earthquake but the collapse of the structure is not achieved 
because it is somehow preserved the safety of human life.  
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Chapter 4 

4CONCLUSIONS 

The industrial precast buildings are a widespread typology in Europe that have a key 
role in the seismic safety in terms of economic losses and life protection. The present 
thesis concerns the seismic behavior of these structures. The main purpose is the 
development of the knowledge on their seismic response by means of numerical 
analyses, experimental tests and earthquake evidences. 
In the first part of the work, the damages due to the Emilia earthquakes on May 2012 
were studied and discussed in order to justify the response and to recognize the main 
vulnerability sources of the industrial buildings. According to this study, it is found 
that the damages to precast structures were mainly caused by inadequate connection 
systems. A more detailed study is then performed on an existing structure, located in 
the epicentral area and damaged after the 29th May event. A modeling effort was made 
in order to implement all the structural elements and the connection systems. In 
particular, the frictional connections between the beams and the columns and between 
the roof elements and the beams were modeled with their actual mechanical behavior 
under horizontal and vertical earthquake components. The results on the nonlinear 
dynamic analyses with the recorded input of the 29th May event justified the occurred 
damages in the structure and in the connections. 
In industrial buildings, the contents safeguarding and the functionality of the structure 
are added to the life protection goal. Hence, the emergency management is a crucial 
phase that should be properly organized in order to reduce the indirect losses due to a 
seismic event. At this purpose two national documents were issued: the “Guidelines on 
local and global retrofitting systems of precast structures” and the form for usability 
judgment of precast structures (GL-AeDES). The first document is a guide for the 
retrofitting actions on precast industrial buildings; while the usability form is an useful 
tool for the structure survey after a seismic event, that helps the user to an aware 
judgment of the safety of the investigated industrial structure. 
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The seismic response of precast structures is highly influenced by the connections 
behavior as well as by the interaction with the nonstructural component, e.g. the 
cladding panels systems. Indeed, the most common exhibited failures are both the loss 
of support of structural horizontal elements due to the failure of the existing 
connections and the collapse of the cladding panels due to the failure of the panel-to-
structure connections. 
 
Concerning the panels influence, the dynamic properties (the first period) of 288 
realistic buildings, designed according to EC8 and for different seismic zones, were 
evaluated taking into account the panel-to-structure interaction. The modal analyses 
demonstrated that the first vibration period is significantly influenced by the presence 
of the cladding system. Moreover it was found that the simplified EC8 formula, that 
evaluates the first vibration period as a function of the height of the building, is not 
suitable either for the case of the bare building or for the case of building with cladding 
system; as a consequence, new predictive formulas were proposed. The influence of 
the panels was also investigated by means of nonlinear dynamic analyses. The results 
demonstrated the high vulnerability of the panel-to-structure connections, designed for 
low forces that do not take into account the interaction with the structure. Moreover, a 
novel model is proposed in order to record both the progressive collapse of the 
nonstructural panels due to an earthquake and the redistribution of forces and 
deformation in the structural elements. 
 
An extensive study was performed in order to investigate the seismic behavior of the 
dowel beam-to-column connections, typically used in precast structures. The results of 
an experimental campaign on a seismic designed connection, under monotonic and 
cyclic loads, were described. In both the tests the damage pattern showed that the first 
damage in the connection was the splitting of the column concrete lateral cover, that 
also corresponded to the failure mechanism of the connection. The force-displacement 
envelope demonstrated the brittle behavior of this connection, due to a significant 
stiffness and strength degradation after the concrete cracking. Moreover, the very low 
values of the dissipated energy during the cyclic test demonstrated that this connection 
cannot influence the dissipative properties of the whole structure under dynamic 
actions. Comparing the cyclic and the monotonic force-displacement curves, no 
degradation in the connection behavior was found both in terms of strength and in 
terms of stiffness. This evidence was justified by the failure mode, that involved the 
concrete response under tensile stresses. 
The high number of influencing variables and the need of general results motivated an 
innovative numerical model of the tested specimen. The FEM model was firstly 
validated on the results of the monotonic test and then used to perform an extended 
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parametric study. The results of all the case studies showed the sensitivity of the model 
to the considered variable parameters both in terms of strength and failure mechanism. 
Moreover, the influence of some geometrical features on the seismic response of this 
connection was evaluated and discussed. 


